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CHAPTER 1

INTRODUCTION

1.1 Background

Shear in high strength prestressed concrete girders combines
the well studied problem of shear in prestressed concrete with the
less researched behavior of high strength concrete. The use of high
strength concrete, £’ from 7000 to 13000 psi, is increasing in bridge
applications as well as in buildings and other structures. Presently
the mnormal AASHTO/ACI shear provisions are used to predict the
capacity of high strength prestressed concrete.

There are several reasons why current shear provisions must
be re-examined or used cautiously for high strength concrete. Current
AASHTO/ACI shear equations are quite empirical. The nature of current
provisions have not changed substantially since their introduction in
the 1963 ACI Code. For the most part these empirical equations were
derived using results from tests having concrete strengths 1less than
6000 psi. In many locations it is possible to mass produce concretes
with useful compressive strengths of 12000 psi or more. In all the
shear equations for both reinforced and prestressed concrete, concrete
strength is a primary variable in capacity calculations.
Extrapolating empirical equations for concretes with twice the
compressive strength of those wused in the original formulation is

dangerous. Another consideration is that some physical properties are



known to change with increasing concrete strength. The effect of
changing physical properties on empirical equations is difficult to
predict without test data. The shortage of test data is the third
reason that caution must be exercised in use of current AASHTO/ACI
shear provisions. To date only 32 shear tests have been reported in
American literature for high strength prestressed concrete. Those
tests are for a relatively narrow range of concrete strengths, shear
reinforcement, prestress force, and shear span to depth ratios.
Additionally a number of tests have been conducted on high strength
reinforced concrete beams. While not of direct use they do provide
information as to whether trends exist for increasing concrete
strength. The fact remains, however, that test data for shear
capacity of high strength prestressed concrete is currently quite
limited.

There is also some dissatisfaction with the current method of
shear capacity calculations due to its complexity. Over the last ten
to fifteen years a number of shear models have been proposed as
replacements for the current empirical equations. The proposed
methods are based on the theory of plasticity. This provides a
rational basis as opposed to the current method’s empirical nature.
These models and especially the truss model that may be derived from
them give the designer added insight into member behavior. They also

tend to be simple, direct methods of predicting capacity. These



methods, however, also need checking to insure conservatism when used

to predict high strength concrete shear capacity.

1.2 Objectives and Scope

The primary objective of this investigation was to add to the
meager existing data base of shear tests in high strength prestressed
concrete. Several secondary goals were set as well. The first was to
find the cracking load of the prestressed members which current
American practice takes as the concrete’s contribution to shear.
Additionally it was desired to observe behavior of beams with shear
reinforcement in  excess of the levels allowed by current
specifications. This was to determine whether current reinforcement
limits could be raised as concrete strength increases. The last major
goal was to compare the results for high strength concrete shear tests
reported in the literature and obtained in this investigation to
several proposed shear capacity models. This was to provide a basis
for judgement of the merits of different shear capacity models.

To fulfill these goals a series of ten tests were conducted
on high strength prestressed girders. A  wvariety of shear
reinforcement values were used to broaden the data base. Some
specimens had extremely heavy shear reinforcement to allow observation
on behavior of such members. A wide range of measurements were taken
during testing to give added information. Cracking loads were noted

during testing. All available test results reported in American



CHAPTER 2

HIGH STRENGTH CONCRETE

2.1 Introduction

High strength concrete offers many advantages related to

physical performance and economics. High strength concrete has, in
recent years, proven itself in applications such as bridges,
buildings, and offshore oil structures [14,22,24,25,41]. Optimum use

of high strength concrete, however, can only come with familiarity of
the production requirements and physical properties.

The following chapter is mnot an indepth study of either
production requirements or all properties determined to date for high
strength concrete. It 1is rather intended as background information
important to the more specific topic of shear in high strength

prestressed concrete girders.

2.2 Production of High Strength Concrete

Successful production of high strength concrete requires
extreme care in all steps of the production process. The first step
is to determine the strength needed and the age at which the strength
is required. The strength level indicates the general requirements
for the batch. A 12000 psi mix will demand more careful selection of
materials and production control than a 9000 psi mix. Strength in the

trial batches must be higher than the required f' to guarantee a
c



minimum number of tests below the specified strength as stated by
AASHTO and ACI 318. Sufficient strength is absolutely essential, but
excess strength becomes uneconomical. Knowing when the specified
strength is required is as important as knowing the strength. A mix
for use in a prestressed precasting yard which needs high strength at
from 12-24 hours will be different than one for a building column
needing full strength several months later. High strength concrete
generally continues to gain substantial strength for 90 days and
beyond [10]. It has become common practice to specify high strength
concrete strengths at 56, 90, or even 180 days [10,22]. Again 12000
psi at 28 days would require different mix proportions than 12000 psi
at 90 days. Economically it is important to know specifically what
strength one needs and when one needs it at the outset of high
strength concrete production.

Once the general strength goals have been determined,
development of a mix to meet these goals must begin. Reference [9] is

a good starting point. It gives quantitative suggestions on initial

trial batches. As would be expected, high strength concrete requires
a very low water to cement ratio. Ratios as low as 0.25 are not
uncommon. The production of high strength concrete requires good

quality for all constituents of the mix. For more information on the

individual material requirements References [9,10, 11, and 36] all



offer valuable suggestions. As suggested in Reference [9] it is best
to try several different mixes in the initial trial batches.

Trial batches with the initial mix designs are critical to
successful application of high strength concrete. First the trial
batches indicate if sufficient strength can be obtained from the mix
proportions and materials used. If not, refinements must be made to
obtain greater strength. If sufficient strength has been obtained
then decisions can be made as to which mix will be the most
economical. Generally several trial batches are required if an
optimized mix design is desired. Trial batches serve other purposes
as well. They indicate 1f the wvarious mix components, especially
admixtures, are compatible. Also a determination can be made whether
the mix is providing sufficient workability. Production of the trial
batches under field conditions gives more realistic indications of
actual batch performance than laboratory mixes.

Control of production techniques must be strict for success
with high strength concrete [10,22]. Actual requirements are the same
as normal strength concrete, but it is imperative that they be adhered
to without compromise. Batching weights must match the mix design as
accurately as possible. Steps need to be taken at the ready mix
plant to insure proper gradation of aggregates. Even more importantly
the water content of the aggregates must be closely monitored. Water

content changes have the greatest effect of all variables on concrete



strength [20]. Inaccurate estimation of the aggregates’ water content,
which affects the quantity of additional water added at batching, can
result in either balling of the concrete due to lack of mixing water
or too high a slump. In general if balling occurs, so much water must
be added at the batch plant to break up the balls that the batch must
be discarded. If the slump is too high, the water content is already
too high and the mix must be rejected. Once the correct slump is
obtained at the batch plant further water additions must not be
allowed. The order in which materials are loaded into the truck can
affect the resulting concrete. Mixing proves to be critically
important as well. For satisfactory performance all the materials,
especially admixtures, must be thoroughly mixed. At the jobsite the
addition of water must be strictly forbidden. Any admixtures added
need to be carefully measured and thoroughly mixed before casting
begins. Casting high strength concrete requires proper manpower and
equipment. Due to the high cement content and low water content
workability time is often shortened even with the use of retarders,
particularly during hot weather. Provisions must be made to quickly
cast and thoroughly consolidate the concrete upon arrival. Curing
becomes more critical in high strength concrete production. Curing
must begin as soon as possible to insure good quality concrete. Given
the already low water content in high strength concrete, drying must

be prevented to allow proper hydration. High strength concrete tends



to be more susceptible to shrinkage cracking. This is especially true
if silica fume is used [37]. The curing method whether ponding,
spraying, covering, etc. should keep the concrete moist during its
intial curing.

2.3 Current Work

2.3.1 Trial batches. A portion of the preliminary work for
this project involved doing a series of trial batches. The objective
was to obtain a mix that satisfied the strength requirements for the
shear specimens. The general strength goal was 12000 psi at 28 days
with a 9 inch slump and using a 3/8" aggregate. Much of the work was
done jointly with another project. Reference [1l] contains complete
coverage of these and other batches. In the following paragraphs the
same batch numbering system as Reference [11] will be used. All told
22 trial batches were carried out. The last trial batch was used for
the test specimens which were cast on four separate occassions. The
following are some observations from these trial batches.

2.3.1.1 Air dried versus moist curing. Curing conditions
were one of the variables investigated during the trial batch phase of
this project. ACI 318 requires concrete to meet the specified
strength after curing as per ASTM G31. The pertinent provision is
Section 9.3 which states that test specimens should be removed "from
the molds at the end of 20+4 h and stored in a moist condition at
73.4°43% F. (23°41.7° C.) until the moment of test." Moist curing is
defined as immersion in saturated lime water or setting in a moist

room. The Texas Department of Highways and Public Transportation
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commonly specifies a seven day moist cured beam break for concrete
acceptance. This 1is not representative of actual field curing
conditions. Tests were run on both beams and cylinders which were
moist cured and ones which were air dry cured using a curing
compound.

Table 2.1 gives moist cured strength at 28 days and air dry
cured strengths at 28 days and later. Mixes 28-31 are the four shear
specimen casts corresponding to Specimens 3-1 and 3-2, Specimens 3-3
and 3-4, Series 1, and Series 2. Figure 2.1 gives normalized results
of the strength of air cured cylinders at various dates compared to
moist cured strength at 28 days. It will be noted that most values
fall within 10% of wunity. The higher wvalues indicate slight
conservatism while lower values are unconservative. The two very low
values indicate a potential problem. The vast majority of the points

shown are for concrete batches poured over the  summer. The

temperature range was approximately 75° to 105° F daily for the first
part of the curing. Based on the maturity concept for strength
development the dry cured specimens should have done quite well. From
further evaluation of the data Carrasquillo noted that wup to 15 days
dry cured cylinders were stronger, but from 28 days until the end of
testing moist cured were stronger [11]. It 1is reasonable to assume
that the early heat helped the dry cured concrete develop strength
quickly, but that dessication prevented the concrete from curing

completely. The two very low readings were for a batch cast during
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cold weather. Due to the cold temperature, about 35° F at cast and

less than 70° F during curing, the maturity of the concrete was low.
The concrete still dried so that hydration slowed. The net result is
a mix in which the dry concrete was significantly lower than moist
cured cylinders.

The 1literature has mnoted a significant link between curing
conditions and tensile strength of high strength concrete. The
tensile strength was measured using 6"x6"x20" beams cast in steel
molds. The data presented herein is for moist cured cylinders at 7
days and 28 days and moist and dry cured beams at 7 days and 28 days
(Table 2.2). The beam strengths are compared with the square root of
the moist cured cylinders at a given date. Figures 2.2 and 2.3 show
the results plotted against concrete strength at 7 and 28 days
respectively. There are several trends in the data. There is quite
obviously a difference between the moist cured and dry cured beams.
The dry cured beams had about 60% of the strength of moist cured beams
at both 7 and 28 days. There is a modest increase in the coefficient
of tensile strength divided by the square root of compressive strength
as the age increases. The relative increase between moist and dry
cured is essentially the same. This would indicate that either
tensile strength increases more with age than the square root of the
compressive strength or that the tensile strength does not change as a

square root function of the compressive strength.
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2.3.1.2 Effect of aggregate. The coarse aggregate can have
a major influence on the strength of concrete. Table 2.3 gives
pertinent aggregate properties. After a number of trial batches had
been conducted it was decided that the aggregate was not sufficiently
strong to allow higher concrete strength. Table 2.4 contains the
highest strength obtained out of each batch. It should be noted that
the date of the highest strength varied due to modifications in the
testing schedule that occurred as the trial batches proceeded. Figure
2.4 shows the results graphically. It will be noted that for batchs
01 through 19, using Aggregates A and B, maximum strength was between
10000 psi and 13000 psi with the majority below 12000 psi. The breaks
were going through the aggregate without bond failure. Several
batches were conducted with a stronger limestone. The 1" maximum
size, Aggregate C, used in trial batch 20 gave a high strength of
14300 psi. The 3/8" maximum size, Aggregate D, used in trial batch 21
gave strengths up to 16110 psi. The coarse aggregate appears to have
limited concrete strength in batches 01-19. This provides further
evidence that the coarse aggregate has a major effect on the strength
of high strength concrete.

2.3.2 Problems with use. For all of high strength

concrete’s advantages there are certain problems which should be
considered. Batching concrete with a very low water to cementitious
materials ratio, about 0.25, is delicate. Good knowledge of the

aggregates' water content is essential. If too little water is added



Table 2.3 Properties of
concrete mixes.
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aggregates wused in high strength

COARSE AGGREGATE DESIGNATION

COARSE AGGREGATE PROPERTIES

AGGREGATE A

AGGREGATE B

AGGREGATE C

AGGREGATE D

Crushed limestone

ASTM C33 No. 8, 3/8-in. to #8
BSGSSd = 2.53

DRUW = 94 pcf

ACgggq = 3.0%

Crushed limestone

ASTM C33 No. 8, 3/8-in. to #8
BSGggg = 2.43

DRUW = 91 pcf

ACggd = 4.5%

Crushed limestone

ASTM C33 No. 57, l-in. to #4
BSGggq = 2.79

DRUW = 99 pcf

ACggq = 0.5%

Crushed limestone

ASTM C33 No. 8, 3/8-in. to #8
BSGggq = 2.79

DRUW = 100 pcf

AC§§d = 0.5%
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during batching the concrete will form balls and not mix properly.
Generally if this occurs so much water must be added to break up the
balls that the resulting batch is unacceptable. If too much water is
added initially the slump will be out of the acceptance range and the
batch must be discarded. Once a good mix has been obtained several
casting difficulties can occur. The mixes can become quite stiff in
only a short time, especially in hot weather. Redosing with
superplasticizer is an option, but speed in casting is better policy.

Crusting between 1ifts 1is possible in hot, dry weather; therefore,

compaction must penetrate the previous 1lift. Finishing holds even
greater trouble. Workability in the forms is short lived and the
rocky nature of the mix makes finishing more difficult. Curing must

be done very well or problems can occur. In the laboratory plastic
shrinkage cracks occurred in several instances while the formwork was
still on. Thin ‘sections are especially vunerable to this. In other
cases surface cracking was visible within a few minutes of final
screeding. Curing must be quick and thorough. Successful use of high

strength concrete requires care in batching, casting, and curing.

2.4 Properties of High Strength Concrete

2.4.1 General. The physical properties of high strength
concrete tend to be somewhat different than for normal strength
concrete. Only those properties pertinent to shear in prestressed
concrete will be discussed herein. References [10, 13, and 35] all

have additional information. The most important property 1is the
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higher compressive strength. High strength 1s actually a fairly
loose term implying greater strength than is generally wused at a
certain location. Usually this means strengths in excess of 6000 psi.
While strength is the most obvious and easily measured property, other
properties do have a major effect on structural performance.

2.4.2 Stress-strain behavior. The stress-strain behavior in

uniaxial compression changes some as concrete strength increases.
Figure 2.5 shows the general trend. The slope of the stress-strain
curve is steeper and more linear up to about 80% of ultimate capacity
[35]. The strain at maximum stress is somewhat higher than for normal
strength concrete [12]. The descending branch of high strength
concrete is steeper. It is stated that the descending branch becomes
almost a wvertical 1line [43]. Special methods must be employed to
obtain the descending branch. The ultimate strain at failure is lower
than for nofmal strength concrete.

2.4.3 Modulus of elasticity. The steeper stress-strain curve

for high strength concrete means the modulus of elasticity is higher.

The increase in modulus of elasticity does not, however, in general

match the value predicted by E, = 33 (Wc)l'5 JEL (psi). This equation
tends to overestimate the actual modulus. Other equations for the

modulus of elasticity have been proposed with

1.5
E, = (40000 JEI + 1.0 x 10°) [w/145)

c
(psi) by Carrasquillo et al. being widely accepted (Fig. 2.6) [12].

The modulus is greatly influenced by the coarse aggregate [19].
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2.4.4 Tensile strength. The tensile strength of concrete is

typically measured either by a modulus of rupture test or splitting
tensile test. The wvalues of tensile strength are highly dependent
upon drying as found by this project and in the literature. Moist
cured beams show substantially higher strengths than predicted by the
current AASHTO Specification. Dry cured, however, only show a small
difference. Proposals have been made for increased predictions of
tensile strength. More recently however the feeling has been to use
more traditional and conservative values predicted by current
equations [12,35].

2.4.5 Miscellaneous. Several other properties have minor

influences on shear in high strength concrete. Total shrinkage at
later ages is said to be about the same as for mnormal strength
concrete. High strength concrete does, however, see more of its total
shrinkage at early ages than does mnormal strength concrete. Unit
creep tends to be much lower in high strength concrete. Given the
fact that it is stressed higher, total creep stays about the same.
This indicates that total prestressed losses should be of the same
order as 1in normal strength concrete. Sustained load carrying
capacity as a percentage of ultimate strength is slightly higher than

for normal strength concrete [44].



CHAPTER 3

SHEAR CAPACITY MODELS

3.1 Introduction

Shear is one of the primary modes of failure in structural
concrete. For over 30 years shear has been extensively researched and
discussed [7,8]. A number of empirical and conceptual models have
been presented over the course of time. Given all of this effort,
however, a completely satisfactory solution has not been attained.

A number of currently popular shear capacity models will be
discussed herein. The models range from highly empirical to highly
theoretical. The assumptions of each model will be discussed and some
comments will be made on their rationality and ease of use. The three
most popular models will be compared with the test results available

for shear in high strength concrete.

3.2 AASHTO and ACI (Current)
Current AASHTO and ACI shear provisions are highly
empirical. The major provisions of the two are identical [2,5]. A

full history of the development of each can be found in Reference
[40]. For the present purpose only the bases of current provisions
are discussed,

The general basis of the Code provisions, Code referring to

both ACI and AASHTO in this discussion, is summarized in

26
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V, £ ¢(V, + V) (3.1)
where v, = factored shear force at a section
v, = nominal shear strength provided by concrete
A = nominal shear strength provided by shear
reinforcement
ol = strength reduction factor equal to 0.85 for shear

This explicitly states that total shear resistance is the sum of a
concrete contribution and a steel contribution.

The steel contribution to shear is based on a 45° truss
model. The original formulation came from W. Ritter in 1899 and was
extended by E. Morsch. An assumption was made that the crack angle

was  45°, From equilibrium, and rearranging terms the familiar

equation for the steel contribution is

AJF d
vV, = 5 (3.2)
where A, = area of shear reinforcement within a distance s
f, = specified yield strength of shear reinforcement
d = distance from extreme compression fiber to centroid

of longitudinal reinforcement

s = spacing of shear reinforcement in direction parallel
to longitudinal reinforcement

The basic philosophy for the current design procedure is that

"shear reinforcement restrains growth of inclined
cracking, providing increased ductility, and a warning
in situations in which the sudden formation of
inclined cracking in an wunreinforced web may lead
directly to distress [8]."
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ACI-ASCE Committee 426 goes on to state:

"In addition to any shear carried by the stirrup
itself, when an inclined crack crosses shear
reinforcement, the steel may contribute significantly
to the capacity of the member by increasing or
maintaining the shear transferred by interface shear
transfer, dowel action, and arch action."

The underlying conceptual truss model has thus been pushed to the
background. The shear reinforcement is seen to a significant degree
as a means of maintaining the concrete contribution at ultimate.

While there is an underlying physical model for the steel
contribution, the concrete contribution consists of empirical
equations which try to include the most important parameters affecting
behavior. The V, term as used in the Code is an attempt to account
for the four major shear transfer mechanisms [8]. The four
mechanisms are shear transfer by concrete shear stress, interface
shear transfer, dowel shear, and arch action. Each of these four
mechanisms can have a varying influence under different circumstances.
The practicality of the situation is that the V_  terms were derived
to correlate sufficiently well with the test results available. A
major assumption is that the shear taken by the concrete at cracking

can be carried at ultimate in a reinforced beam and that this shear
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supplements the shear contribution of the truss model as reflected in
the V, term [7].
For reinforced concrete there are two equations for V,

under normal loading conditions. One equation is

vV, = (:1.9 Jf: + 2500 pw[Vhd/Mu] ]bwd < 3.5t b,d (3.3)
where fi. = square root of specified compressive strength of
concrete

P, = A /bd

Al = area of longitudinal reinforcement

A = factored shear load at a section

M, = factored moment at section

b, = web width

d = distance from extreme compression fiber to

centroid of longitudinal tension reinforcement
The origin of this equation dates back to the early 1960's and
ACI-ASCE Committee 326. This equation tried to realistically indicate
the influence of three primary variables: the ratio of longitudinal

reinforcement P, the quantity M/Vd, and the concrete strength

f; which represented the concrete quality. From the starting

point of

0.5

ft(max) = ft/2+|:(ft/2]z + Vz] (3.4)

and
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v = V/bd (3.5)
where V = total shear

v = shear stress

f, = tensile strength of concrete,

The equations were manipulated into two dimensionless parameters.
The available test data was then plotted in terms of these two
parameters (Fig. 3.1). A bilinear curve was chosen to represent the
data. The lower portion of the curve was chosen to be almost a lower
bound since failures in this range were observed to have little
reserve strength after diagonal cracking. The upper limit on the
curve was chosen more as an average value since these specimens
demonstrated substantial reserve strength. The tests from which this
equation was derived were all reported by January 1, 1960. Thus this
equation was derived by curve fitting the available data using what
was considered the three most important parameters.

The second equation for shear in reinforced concrete is

vV, = 2 f; b,d (3.6)
This equation was first used in the 1963 Building Code. The equation
gave a simple, reasonably conservative estimate to the tests used to
obtain Equation (3.3). The only advantage to Equation (3.6) 1is its
extreme simplicity. The current equations for the concrete

contribution in reinforced concrete stem from empirical curve fitting

done in the early 1960's.
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Three separate equations are given for the concrete

contribution in prestressed members. The first equation is

2{E{b,d <V, = (0.6 E5+700[ V,a/M, ] Jb.d <54Eib,d (3.7)
Several additional limitations include V,d/M <1.0 and the value given
must be less than that given for web shear cracking inside the
development length. This equation was added in the 1971 ACI Code as a
simplified method of computing V, compared to the more detailed
equations [4]. Figure 3.2 shows the data used to obtain this
equation., It should be noted that the nondimensional parameters used
for the derivation are the same as for Equation (3.3). Furthermore
there is no term in the equation related to the prestress force. The
equation restriction that the effective prestress force be greater

than 40% of the tensile strength of the flexural reinforcement was
required to maintain conservatism. The V, < 5t/ b,d was an

attempt to prevent web shear cracking.
A more detailed calculation is given for inclined cracking in

prestressed concrete,

1.7JFib,d < V,; = 0.6 Flb,d + V; + (VM /M ) (3.8)
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where M = (1/y,)( 64E7 + £ - £4) (3.9)

I = moment of inertia of the section resisting externally
applied factored loads

y, = distance from centroidal axis of gross section,

neglecting reinforcement, to extreme fiber in tension
Vy = shear force at section due to unfactored dead load

V; = factored shear force at section due to externally
applied loads occurring simultaneously with M__.

M.x = maximum factored moment at section due to externally
applied loads

M,. = moment causing cracking at section due to externally

applied loads

%m = compressive stress in concrete due to effective

prestress force only (after allowance for all
prestress losses) at extreme fiber of section where
tensile stress is caused by externally applied loadgzp

fy = stress due to unfactored dead load at extreme fiber
of section where tensile stress is caused by
externally applied loads,

This equation has been essentially the same since the 1963 ACI Code.
The major term of this equation is VM /M__ . In the
original formulation by Sozen and Hawkins [43] and later used by ACI
318-63 [3] the term was M__/[(M/V)-(d/2)]. This can be derived
with reference to Figure 3.3. Section B-B represents the section to

be considered and has a shear and moment of V and M. The shear crack
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is assumed to have a horizontal projection equal to d. The occurrence
of a flexure crack at d/2 towards the support from B-B was taken as a
sign of impending inclined cracking. Assuming that the moment at A-A
is M, and the difference in shear at A-A and B-B is small one
gets M-M, =Vd/2 which can be rearranged to the form used. This
was changed in the 1971 ACI Code by the removal of the d/2 term.
This effectively causes one to compute the flexural cracking load at
the point of interest rather than d/2 back towards the support. The
dead load shear, V;, was considered separately for two reasons [6]:

1. Dead load is usually uniformly distributed, whereas live
load can have any distribution.

2. The dead load effect 1is always computed for the
prestressed section alone. The 1live 1load effect is
computed for the composite section in composite
construction.

The O.GJTwad. term was added to account for the added shear

needed to cause the inclined -crack. Figure 3.4 shows the data

originally used to derive this equation. The lower limit of
1.74f2bwd was added since the only points falling below this had

extremely low prestress forces.

The final equation for V, estimates the web shear cracking,

cw’?
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Vo = (3.54E7 + 0.3f,, Jb,d + V, (3.10)
where f?c = compressive stress in concrete (after allowance

for all prestress losses) at centroid of cross-
section resisting externally applied loads or
at junction of web and flange when the centroid
lies within the flange. (In a composite member,
féc is resultant compressive stress at centroid
of composite section, or web and flange when
the centroid lies within the flange, due to
both prestress and moments resisted by precast
member acting alone.

V. = vertical component of effective prestress force

at section
The equation was first wused in the 1963 ACI Code. It can be derived
based on the assumption that web shear equals the tensile strength of
the concrete. The maximum principal tensile stress generally occurs

near the centroid of the cross-section. The capacity is

0.5

£o= [ Vel + (fpc/zfj - £,./2 (3.11)
where f, = tensile strength of concrete
v,, = Shear stress
By rearrangement this becomes
v, = ft[1+[fpc/ft]]0'5 (3.12)

The tensile stress was set so f,=3.5/f! which yields

0.5
V,, = 3.5,0F [1+(fpc/(3.5,\[f_c’]J:| b, d (3.12)
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This equation was simplified to the Code equation (Fig 3.5). The Vo

term was added to account for shear balanced by the prestress force.

3.3 Plasticity Theories

3.3.1 Introduction. The theory of plasticity provides a

mathematical basis for collapse load calculations. While the
mathematical proofs are beyond the scope of this work and indeed
would prove to be of 1little help, several basic concepts provide
background for the work done using the theory of plasticity
[28,33,48]. The yield condition for a material is a central concept.

It is a mathematical description of which stresses are allowable.

Given a set of generalized stresses, Q. Q, . . . Q the yield
condition is defined as £(Q,, Q. . . Q,)=0. The yield
condition can be visualized as a surface in n-dimensional space. If

f<0, the point determined by the generalized stresses lies within the
surface and does not give yielding. If f=0, the point lies on the
yield surface and hence yielding occurs. The condition £>0 implies a

point outside the yield surface which corresponds to stresses that
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cammot occur. The flow law is a second major concept in plasticity.

The flow law is defined as

a. = £/3Q, (i-=1,2,...n) (3.14)

5.
lo]
N
®
0
I

the generalized strain corresponding to Q

A = a nonnegative number

The flow law governs the plastic strain changes at constant stress.

Starting from the yield condition and flow rules it is
possible to derive the theorems of 1limit analysis. The lower bound
theorem states: "A load system based on a statically admissible
stress field which does not violate the yield condition is a lower
bound on the ultimate 1load [48]." "A statically admissible stress
distribution is a distribution which satisfies the equilibrium
equations and the statistical boundary conditions [33]." This
essentially says that any assumed internal distribution of stresses
which does mnot exceed yield at any point gives a load carrying
capacity less than or equal to the actual capacity. Use of the lower
bound theorem will in all cases be conservative. The upper bound
theorem states: "A load system which is in equilibrium with a
kinematically admissible velocity field (i.e. a mechanism) is an upper
bound of the ultimate load [48]." A kinematically admissible velocity
field is a displacement field compatible with the geometrical boundary
conditions. A mechanism satisfying the upper bound theorem gives a

load equal to or greater than the actual capacity and is therefore
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unconservative. The theory of plasticity also states that there 1is a
unique and exact solution such that both the upper and lower bound
theorems are satisfied.

The solution procedures are different for the two limit
theorems. Solution for a lower bound is accomplished by use of the
equations of equilibrium. Upper bound solutions are derived by
equating the external work done to the internal dissipation for the
assumed mechanism.

While the framework for plastic analysis is in place, the
quality of the results is extremely dependent upon the quality of the
constitutive equations. The constitutive model defines the yield
condition which determines failure of the plastic model. 1In Figure
3.6 it can be seen that steel can be reasonably well modelled as
either elastic-plastic or rigid-plastic. Concrete on the other hand
does not show plastic tendencies (Fig. 3.7). The way constitutive
equations are handled by the various plastic models will be discussed
for each model.

3.3.2 Danish model. Nielsen and his co-workers at the

Technical University of Demmark have been among the leaders in
applying the theory of plasticity to shear problems [32,33,34]. A
number of assumptions were made in the derivation of the plastic
models. Most important are the ones dealing with the constitutive

models for concrete and steel. Nielsen chose to use a rigid-plastic
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model for the concrete based on the modified Coulomb failure
criteria. Since the beam is assumed to be in plane stress the model
gives a square yield locus with a compressive yield stress of f_ and
zero tensile capacity (Fig. 3.8). A value for compressive yield less
than wuniaxial compressive strength must be used to obtain good
results. The reinforcement 1is also assumed to be rigid-plastic and
capable only of axial tension or compression (Fig. 3.9). Beyond
material assumptions several modelling constraints are applied. The
members considered are horizontal and of constant depth and have a web
of constant thickness. The compression zone 1s idealized as a
stringer carrying compressive force C and the tensile zone is modelled
as a stringer carrying tensile force F. Both stringers are considered
rigid-plastic and are assumed not to yield. Finally stirrups are
to be spaced close enough to allow use of an equivalent stirrup
stress.

The solution process involves both the upper and lower bound
theorems. The cases treated to date include simply supported beams
with vertical and/or inclined shear reinforcement for concentrated and
distributed loads as well as beams without shear reinforcement subject
to concentrated and distributed loads. Based on the assumptions
above, especially that the stringers are not yielding, the best

estimate for capacity comes from assuming both the web concrete and
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shear reinforcement to be at yield. With this it is straightforward
to solve the equilibrium equations for a lower bound solution. The
assumed failure mechanism for the wupper bound solution is one of
displacement rather than rotation. The case of a beam with shear
reinforcement and two concentrated loads illustrates the mechanism
(Fig. 3.10). Region I is assumed to displace vertically with respect
to regions 1II. Equating the internal and external work gives the
upper bound solution.

Based on their work with plasticity Nielsen et al. proposed
the following design rules based on the lower bound theorem. The
first step is to divide the beam into design zones. FEach design zone
is xh long where k=cotf. A constant shear value, 7', is determined
for each design zone (Fig. 3.11). The transverse reinforcement is

determined by

A, = T (3.15)

g
=
o
=
o
<
2
I

design shear

h = distance between stringers
s = stirrup spacing
f, = shear reinforcement yield stress

A check on concrete stress is also required

fq = (V/bh)(k + 1/k) < vE! (3.16)
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where £f; 1s the concrete stress 1in the diagonal compression field.

The longitudinal reinforcement must meet two conditions. The tension

chord must carry at least

A, = M/h+Vk/2 (3.17)
at every section and at the support

T, = kR/2 (3.18)

where R

I

reaction

T

o tension chord requirement.

Limits are placed on the value of k to prevent too large a deviation

from elastic behavior. For beams with constant longitudinal
reinforcement: 1<k<2.5 or 21.8°%<f<45°. For beams with curtailed
reinforcement: 1<k<2.0 giving 26.5°<6<45°. The tighter 1limit for

beams with curtailed reinforcement 1is an attempt to prevent stirrups
from yielding at service load.

The recommended concrete effectiveness factor is

v =0.7 - (fé/29000] (fé in psi) (3.19)
The equation was limited to concrete strengths less than 8700 psi.

3.3.3 Swiss Model. Thurlimann and his co-workers at the

Swiss Federal Institute of Technology have also been leaders in the
work with plasticity based models [26,46,47,48]. Thurlimann used a

somewhat different set of assumptions than Nielsen. The predominant
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difference is  that Thurlimann assumed both the web and the
longitudinal reinforcement yields. This allows formation of a
mechanism without having the concrete reach yield. Rigid-plastic
material behavior is assumed as well as only axial resistance from
reinforcement. For the concrete a square yield criterion with no
tensile strength is assumed. Additionally an upper limit is set on
the concrete to prevent a premature failure. Also a limit is placed
on the inclination of the concrete compression field, «, and
thereby on the amount of redistribution of internal forces. The flow
rule or failure mechanism is uniaxial yielding of the reinforcement
opening up the final cracks perpendicular to the crack direction.
Finally the reinforcement is assumed to be properly detailed so that
no local failures are possible.

Thurlimann and his co-workers solved both the upper and lower
bound solutions for a beam subjected to shear based on the above
assumptions. The lower bound solution can be obtained given the shear
web element of Figure 3.12. The diagonal force D:

D = V/sina (3.20)
The concrete compressive stress fj:

fq = D/(bh cosa) = V/(b h sina cosa) (3.21)

The stringer forces:

upper stringer -M/h+(V/2)cote (3.22)

lower stringer M/h+(V/2)cote (3.23)
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The stirrup forces are:
s = V(b/h)tanca (3.24)
The assumed failure comes from yielding of the stirrups and the lower

stringer. Setting the applied shear and moment equal to their

ultimate values, V

p and M, the following relationships can be derived.

Fy, = M/hH(1/2)Vit/sh (3.25)
M, = f,h for V, = 0 (3.26)
Ve = 2F,;s,(h/t) for M, = 0 (3.27)

This gives the interaction formula

M v2
M\PP + TP =1 (328)
o V2,

The kinematic or upper bound solution is based on Figure 3.13.
The solution of the work equations gives the same results as the
lower bound solution. Thus the results are unique. Several
additional considerations arise from the upper bound solution. The
mean crack strain e¢; is defined in Figure 3.14. It is related to the
reinforcement strains as follows:

yielding of longitudinal reinforcement €;=€,

eg = €, (1 + cot’a) (3.29)
yielding of web reinforcement e _=e,
€g = ey(l+tan?a) (3.30)

Figure 3.15 shows the ratio of eg/€, for the web and longitudinal
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reinforcement as a changes. It can be noted that as o moves away from

45° one of the strains increases very rapidly. A large increase in
€g indicates that the cracks are opening very wide. If cracks open
too wide, aggregate interlock deteriorates destroying the members
redistribution capabilities.

Several practical = limitations become obvious from the
moment-shear interaction equation and the crack width versus yield

strain diagram. Thurlimann noted that at eg/ €, values of about 5

the failure mechanisms begin to change. Either shear or flexural
failures become possible without both of the reinforcements yielding.
To get failures consistent with those assumed, limits were placed on
the range of a:
0.5 < tana £ 2.0 (3.31)
26.5° < @ < 63.5° (3.32)
The wvalues are not exact limits but give a general range for
transitions of failure mechanisms. Within this range a combined
mechanism of both reinforcements yielding occurs. Outside this range
either shear or flexure controls.
In addition to the limit placed on the angle a there is a
material limit as well. The 1limit is based on crushing of the

concrete. The relationship is:

(Voo/Vpo) = (Veeh/Mpy) * [ 1-(Bye/Eey) ] (3.33)
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where Ve, (1/2)£.dh (3.34)

]
Il

. shear flow producing failure

rd = £, [Py/fcd] * [1 - [Py/fcd]] (3.35)
The crushing of the concrete represents a different failure mechanism
not requiring the longitudinal reinforcement to yield. The limits on
a are to insure that a combined mechanism of failure will occur.

The 1978 CEB Model Code included this model as the Refined
Method [18]. The major change from the model mentioned is that « has
the following limits

3/5 £ tana £ 5/3 (3.36)

31° < a < 59° (3.37)

A check on web crushing is required

V, £0.30 £ b, d sin2a (3.38)
where b, = web width
d = effective depth

fq design concrete stress=f!/¢
The general design is controlled by

V, <V, =V, +V, (3.39)

g
=p
0]
H
o
<
I

design load

V., = factored resistance
V., = truss contribution

r
V., = concrete contribution
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The truss contribution is given by

Vir = [Asw/s) . O.9df§wd(cota + cotf)sina (3.40)
where A, = web reinforcement
fywa = yield stress of web reinforcement divided by a

safety factor

d = effective depth of beam

s = stirrup spacing
a = angle of compression diagonals
§ = angle of stirrups to the horizontal

There are three ranges for the concrete contribution. The

first region is called uncracked

Vo £ 2.5 7ppbd V, = 2.574b.d (3.41)
where ey = 24 £, (3.42)
f,.q4 = design concrete tensile strength

tensile strength divided by resistance
safety factor

The next region is the transition zone

2.57gpbd <V, < 7.57¢,b d Vo = (1/2)(7.5mppb,d - V) (3.43)
The last region is the full truss zone:

V, > 7.57gb,d V., =20 (3.44)
Finally there is a provision to increase the longitudinal

reinforcement over the value required for flexure by the amount
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2
AF,, = Veq 5 - V 4cota (3.45)
B2 A, £, d sine sd '
where V.4 = design shear force
AF,, = design stress of longitudinal reinforcement
3.3.4 Diagonal compression field theory. Diagonal

compression field theory has its origin in plasticity models such as
that of Thurlimann [15,16,17]. Collins and his co-workers, however,
diverged from strict application of the theory of plasticity. The
major assumption is that concrete can carry no tension and that the
shear will be carried by a diagonal compression field. At this level
all three plasticity models are the same. Rather than formally
following the limit analysis theorems of plasticity, Collins et al.
chose to develop a procedure where equilibrium and compatibility are
satisfied at all load stages rather than just at wultimate. The
procedure is analogous to a moment-curvature analysis for flexure.
Diagonal compression field theory requires that appropriate
relations for stresses, strains, and constitutive equations be
determined. For this work the stresses are assumed to act over an
effective area defined by b _jd where b, is web width and jd 1is the
effective depth for shear. The model requires the presence of
stirrups. From equilibrium considerations three generalized stresses
are derived o,, average transverse compressive stress, o, average
longitudinal compressive stress, and f; average principle compressive

stress. Each of these average stresses can be written in terms of an
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average shear stress, v, and the angle of inclination of f; to the

horizontal, «, where

v =V/(b,id) ‘ (3.46)
and V = total applied shear
The average strains are considered in a similar manner. The

compatibility condition can be stated as

tan’a - %}% (3.47)
where €; = average value of longitudinal tensile strain
€, = average value of transverse tensile strain
€4 = average value of principal compressive strain

For the diagonal compression field to work, the average stress must be
tied to the average strain through constitutive equations. For steel
the average stress-average strain relationships can be pictured as
elastic-plastic. The wuse of elastic-plastic relationships are

required if compatibility is considered since rigid-plastic materials

only deform at yield. The concrete constitutive equations are, as
always, more subject to uncertainty. Several suggestions have been
made as to the proper model for this use. Reference [17] had two

relationships given for an average concrete modulus. The recommended
one was simply a straight line function whose value was the crushing
strength of concrete divided by the strain at peak stress. 1In the

same paper the limit on concrete stress was determined as a function
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of the diameter of the Mohr's circles for stress and strain at
ultimate. It was felt that size of the stress circle that causes
failure 1is related to the size of the coexisting strain circle.

Reference [16] carried the wupper limit out to the following simple

expression
fau = z;i_):,—SL (3.48)
Vol €a
where Y, = 2egte te, (3.49)
f4, = limiting concrete stress
€q = 0.002 assumed

More recently the following constitutive equations were proposed

[49].
2
ch = fc2max[2[€2/eo) - (62/60) ] (3.50)
where
f Zmax 1
2 = < 1. 3.51
£ 0.8 - 0.34(ey/e,) ~ 1.0 (
f., = principle compressive stress in concrete
€, = principle compressive strain in concrete

m
]

principle tensile strain in concrete

strain at peak concrete stress

o
I

That equation also had provisions for considering tensile strength of
concrete. The accuracy of the concrete constitutive model effects the
capabilities of diagonal compression field theory.

Given the preceding relationships it is possible to determine

full behavior of members subject to shear. Collins considered three
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phases of behavior. The first is prior to steel yielding. Compression
field theory can predict the angle of the initial cracks. The next
stage of behavior had the transverse steel yielding. This is
followed by a change in o up to the ultimate load. Compression field
theory allows failure to be caused by either yielding of the
longitudinal reinforcement or by crushing of the web. It is possible
to track through beam behavior from zero load to ultimate and to
determine the failure mechanism all using compression field theory.
Compression field theory formed the basis of the General
Method in the 1984 Canadian Code [21]. That Code is set up so that a
design is acceptable if it satisfies a series of Code provisions. The

angle of the diagonal compression strut, 6§, can be chosen as any

value between 15° and 75°. To prevent premature diagonal crushing

£, < £, (3.52)
where f, = [tanf + (l/tan&)][Vf/bvdv] (3.53)
fomax = A6 £:/(0.8 + 170¢;) < ré £, (3.54)
unless concrete is triaxially confined
€, = €, + [ex + 0.00Z]/tan?G (3.55)
V; = factored shear force at section
b, = minimum effective web width within depth d,



A

¢

(¢}

In Equation

plane section

65

effective shear depth, which can be taken as the
distance, measured perpendicular to the neutral axis,
between the resultants of the tensile and compressive

forces due to flexure but need not be taken less than
0.9 d.

factor to account for low density concrete

resistance factor for concrete

(3.55) e_ may be taken as 0.002 or calculated from a

X

analysis under factored loads. 1If

Ve < 12,04 A¢_ JEIb,d (3.56)

b, may be used for b,.

To insure yielding of the transverse reinforcement

e, > £,/E, (3.57)

where e, = €; - €, - 0.002 (3.58)

The transverse reinforcement is designed so that

v, >V,

where V., =

A,

I

(3.59)
(4,A5,/s)(d/tand) + ¢, (3.60)

area of shear reinforcement perpendicular to the
axis of a member within a distance, s

specified yield stress of nonprestressed

reinforcement

spacing of shear reinforcement measured parallel to
the longitudinal axis of the member

resistance factor for reinforcement

resistance factor for prestressing tendons

component in the direction of the applied shear of the

effective prestressing force.
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An additional amount of longitudinal reinforcement over that needed
for flexure alone is required at a section. The added tensile load,
N,, is

N, = V;/tanf (3.61)

The Canadian Code has two added sections in the General
Method. The first is for handling problems near geometric
discontinuities or concentrated loads. The procedure calls for the
use of concrete struts and tension ties joined at mnodal regions.
Provisions are given for allowable stresses. This type of model will
be discussed further in Section 3.4.2 The second added provision is
one on serviceability. This is included to ensure reasonably small

crack widths at service loads.

3.4 Truss Models

3.4.1 Ramirez. In recent work done at the University of Texas
Ramirez and Breen proposed a design procedure based on the truss
model. The work was based on the plasticity models previously
discussed but principally on the work of Thurlimann. In Ramirez's
work the emphasis was shifted from the plasticity based proofs to the
conceptual use of a truss model to show the flow of forces. The
detailed work was reported in References [38,39,40] and only a brief

summary of the conceptual basis and design procedures will be given

herein.
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The basic assumptions for the truss model are the same as
used by Thurlimann. Yielding of both the longitudinal and transverse
reinforcement 1is required. This requires an upper limit on the
diagonal concrete stresses to prevent crushing. The reinforcement can
only resist axial loads. The reinforcement is properly detailed so
that local crushing and bond failures are prevented.

The truss model can be used in a six step design procedure.
The first step is to pick an appropriate truss system for the loading
and support conditions under consideration. This basically entails
dividing the beam into convenient design segments. The second step
requires assuming an angle for the compression diagonal inclination,
a. Acceptable values are 25° < a < 65° and a value which fits the
truss system should be chosen. The lower a values require less
shear reinforcement. The next step is to check the concrete stress in
the compression diagonals. This is to insure that web crushing does
not occur. The web  reinforcement «can then be calculated.
Consideration needs to be given to spacing limits and to make certain
minimum reinforcement values are met. The area of longitudinal
reinforcement must be calculated for the combined actions of flexure
and shear. Finally, all reinforcement must be properly detailed.
Since the model relies on both web and longitudinal reinforcement
reaching yield, poor details resulting in premature failure would be

extremely serious.
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Numerical guidelines were added to the conceptual framework
given above. The member’s shear resistance comes from three
components, the concrete contribution V_, the truss contribution
V.r,» and the component in the direction of applied shear of the
effective prestress force V- The model 1s equally applicable to
reinforced and prestressed concrete. The angle of inclination for the
compression diagonals is

25° < a < 65° (3.62)
The compressive stress in the compression diagonals, f; shall be less
than 30,£f! where:

fq = V/(b,z cosa sina) (3.63)

z = distance between stringers
The concrete contribution can be calculated as

a) reinforced concrete members
V, = (1/2)[ 6JE] - v, ]b,z (3.64)

but 0 <V, < 2, E/b z

b) prestressed concrete members
Vo = /2[4 + 2JE - v, bz (3.65)

but 0 < V, < 2KJE/b 2z

where

0.5
k= [ 1+ (gu24E) ] (3.66)



69

but 1.0 € K £ 2.0 and K = 1.0 if stress at extreme tension
fiber at the section exceeds 6,f/ due to the computed

ultimate load and the applied effective prestress force.
If V, exceeds lJ?waz then minimum web reinforcement equal to
A, =1.0 JfZ[bws/fy] (3.67)
must be added. The truss contribution is given by
Vi, = [Syz]/[tana + 5] (3.68)
where S = total stirruﬁ force over spacing s
The bottom reinforcement is calculated by
Fo, =M/z + (Vﬁ/Z]cota (3.69)

Additional detailing requirements as well as provisions for torsion
can be found in Reference [39].

3.4.2 Strut and tie model. Schlaich et al. at the

Institut fur Massivbau at Stuttgart have a more refined truss model
called the strut and tie model [42]. The strut and tie model
condenses all stresses into compression and tension members and joins
them by nodes. The model is based on the lower bound theory of
plasticity. The authors themselves describe the method as one of
sufficient, not perfect, accuracy. The real aim of the strut and tie
method is to determine the flow of forces in a member. Given this
flow of forces, struts and ties can be sized to cover the required
forces. In this way the entire structure can be designed for a

consistent level of safety.
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The strut and tie model defines two types of regions in a
structure. The B-regions are areas where the internal state of stress
can easily be derived from sectional forces such as moments, shears,
and axial forces. In these regions stresses can be calculated based
on section properties up to cracking. In the cracked state a normal
truss model gives the desired results. The second type 1is the D-
region. The D-regions include all areas where the strain distribution
is significantly nonlinear such as at concentrated loads, corners,
openings, etc. In the uncracked state such regions can be designed
based on linear elastic stress analysis. In the cracked state typical
current design 1is based on "experience" or "standard practice." The
strut and tie model allows a reasonable design of such regions since
the compression and tensile forces are followed throughout the region.
From this it can be seen that the strut and tie model 1is an extension
of the truss model.

The strut and tie model allows for a consistent design of the
entire structure. A first step is to perform a sufficiently accurate
structural analysis. Schliach et al. had several suggestions for
appropriate types of analysis. The structure should also be broken up
into B and D-regions. In general, D-regions extend a distance
approximately equal to the effective depth of the member on either
side of the discontinuity. The B-regions may be dimensioned using
the results from the structural analysis and the truss model. The

D-regions are where the true advantages of the strut and tie model
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become apparent. Using the sectional forces that occur at the edge of
the D-region and any externally applied forces a flow path needs to be
developed. The recommendation is to adapt "the struts and ties of the
model to the direction and size of the internal forces as they would
appear from the theory of elasticity." This provides for adequate
serviceability as well as a conservative estimation of ultimate
capacity. The loadpaths should begin and end at the center of gravity
of corresponding stress diagrams. They should take the shortest
smooth route in between and have the appropriate direction at D-region
boundaries. The best load path model is one which minimizes the
strain energy of the steel ties.

For design wuse stress limits must be imposed on the concrete
struts and nodal regions. The 1984 Canadian Code has some guidelines
on allowable stresses in the nodes. The recommendations of Schlaich
et al. will, however, be included here. The model allows for concrete
struts and steel and concrete tension ties. The struts and ties are
joined at nodes. It is stated

"that a whole D-region is safe, if the pressure under
the most heavily loaded bearing plate or anchor plate
is less than 0.6 £, (or exceptionally 0.4

f,4) and if all significant tensile forces are
covered by reinforcement and further if sufficient
development lengths are provided for reinforcement
[42]."

The following recommendations were given for strut stresses. For

current purposes f 4 is defined as

£oq = -85£]/7 (3.70)
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where vy = a partial safety factor

£%=1.0f,; for undisturbed uniaxial state of compressive stress

0.8f,; if tensile strains in the cross direction or transverse
tensile reinforcement may cause cracking parallel to the
strut with normal crack width; this also applies to node
regions where tension bars are anchored or cross

0.6f,; as above for skew cracking or skew reinforcement

0.4f,; for skew cracks of extraordinary crack width. This

occurs if modelling deviates substantially from the
theory of elasticity’s flow of force.

Through necessity, concrete tensile ties are allowed. The
following guidelines are given for their use. A limit is placed on
their use to cases where they are used for equilibrium and where
progressive collapse is not expected. This can be assumed satisfied
if in any area of the stress field a cracked failure zone can occur
without the increased tensile stresses in the remaining section
exceeding the tensile strength f,. The cracked failure zone A,

shall be taken as

A, > 442 and > A, /10 (3.71)

where dg

I

diameter of the largest aggregate

A, area of the tensile zomne
It is stated that the most important thing is to determine where
tensile forces are required and to place reinforcement there if

possible.



73

3.5 Rationality and Ease of Use

Rationality and ease of use are important factors in
evaluating the qualities of different models. While these issues are
somewhat subjective, certain topics deserve consideration. A rational
model has a firm physical basis. The model should give a clear
indication of the mechanisms and paths used to transfer loads to the
supports. It should also be consistent in 1its treatment of internal
mechanisms. For ease of use the model must give the designer clear
understanding of what is required. In addition, the parameters used
should be simple and easily defined physical properties.

The models discussed have various levels of rationality. The
AASHTO/ACT equations are more empirical relationships than rational
models. The steel contribution does have a solid physical basis, but
the current design philosophy hides even that. The concrete
contributions are empirical relationships containing various numbers
of pertinent parameters. Together they provide a reasonably accurate,
and conservative model, but they do mnot indicate member behavior or
how forces are transferred to supports. The method does mnot treat
internal mechanisms consistently. The current method is not very
rational. The two strict plasticity models provide a rational picture
of member behavior. Both the Danish and the Swiss models use the
limit theorems to obtain exact solutions for the original assumptions
made . The Danish model with its assumption of concrete crushing is,

however, quite restricted in application. Only a few exact solutions
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have been obtained. The design procedure basically wuses the
conservative lower bound theorem. The Swiss Model with its assumption
of longitudinal and transverse reinforcement yielding is more general.
The model can consistently handle a wide range of problems. The
models also give a clear picture of the mechanisms at work. Both
models are consistent, rational methods although certain practical
limitations must be added to insure compliance with the original
assumptions. Compression field theory in its pure form is a rational
method. It wuses equilibrium and compatibility tied together by
generalized constitutive equations. The model can give a good picture
of member behavior throughout the full range of behavior. Load paths
and shear transfer mechanisms are subordinate to the mathematical
treatment but still provide insight into member behavior. 1In its Code
format, however, compression field theory has been reduced to a series
of fairly complicated equations. Their basis is still rational, but
the basis and any physical insight gained from that has been covered
over. The truss model provides a design procedure that uses the
physical basis of the Swiss plasticity and still emphasizes the
picture of structural behavior. The method is consistent and gives a
designer a good understanding of the mechanisms used to carry the
load. The truss model provides a rational method of design. The
strut and tie model provides the designer with a clear, consistent
method for designing the entire structure. Some parts of the model

are not mathematically pure, but the advantages from following the
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load paths far outweigh any disadvantages. The model gives an
excellent picture of the mechanisms and paths used to transfer loads
to the supports.

The ease of wuse varies between the models discussed. The
AASHTO/ACT method is not particularly easy to use. The equations for
the concrete contribution are in many cases long and confusing.
Compression field theory is also not easy to wuse. The model was
condensed down to a series of complex equations to check various
parameters. The Danish, Swiss, and truss models are all similar from
the design standpoint. The checks and design procedures are easy to

use. They also give a good picture of behavior helping the designer

in complex situations. The Danish model has the advantage of not
requiring a concrete contribution. All  three methods are
straightforward to use. The strut and tie model is somewhat more
difficult to use than the plasticity and truss models. It does,

however, provide vresults for situations where the other models do not
work very well. The added difficulty is just a slight inconvenience

given the much better picture of structural behavior obtained.

3.6 Comparison with Test Results

3.6.1 Introduction. Comparison to test results provides a
basis for judgement on the safety and accuracy of a shear capacity
model. For a model to be of wvalue other than just as a conceptual

aid, it must be able to reasonably predict actual capacities. For
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present purposes three currently popular models will be compared to
the available test results for shear in high strength concrete [1, 23,
30]. The results will be compared to current AASHTO/ACI provisions,
the 1984 Canadian Code General Method,and the truss model. Both
reinforced and prestressed concrete tests will be used since the
plasticity based models do not distinguish between the two cases at
ultimate.

3.6.2 Current AASHTO and ACI Provisions

3.6.2.1 Reinforced, without stirrups. Presently there are 53
shear tests reported on reinforced high strength concrete beams
without shear reinforcement in American literature. Table 3.1 gives
some of the specimen properties, the test results,and the values
predicted by the Code. Equation (3.3) is the more general formula
including concrete strength, M/Vd, and the percentage of longitudinal
reinforcement. A comparison with test results shows moderate
conservatism with an average test/predicted value of 1.27. There is
a fair, but expected amount of scatter in the data. Figure 3.16 shows
the results plotted against concrete compressive strength. Figure
3.17 shows the test data plotted in terms of the nondimensional

parameters used in the original formulation. It will be noted that

the tests all have low 1000p(Vd/M,f!) values. More importantly
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all the unconservative values are for values of 1000p(Vd/MJfZ)

in the range of 0.15 and lower. The results are not substantially
different than the original data points used for the range tested to
date. From Figure 3.18 it can be seen that Equation (3.3) becomes
unconservative as the a/d ratio increases. While the trend is
general, the Cornell tests show the greatest sensitivity to the a/d
ratio. Figure 3.19 shows the relationship between the percentage of
longitudinal reinforcement and Equation (3.3) accuracy. The data from
Cornell is the only group that shows a strong trend with a change in
L. From this data Equation (3.3) becomes unconservative as p
decreases. Equation (3.6) is the simplified formula and only includes
the concrete strength. This formula is more conservative with and
average test/predicted ratio of 1.41. Since only one major variable
was considered, greater variability would be expected. This proves to
be the case in the tests reported. The comparison with Equation (3.6)
can be seen in Figure 3.20. There are about the same number of
unconservative results using either Equation (3.3) or (3.6).

The AASHTO/ACI equations are reasonably conservative. The a/d
ratio and percentage of reinforcement seem to be the more critical

issue than concrete strength in the present equations.
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3.6.2.2 Reinforced, with stirrups. American literature only
contains 11 shear tests on high strength concrete beams with stirrups.
Table (3.2) contains the test results and Code predictions. From
Figures 3.21 and 3.22 it can be seen that both equations for the
concrete contribution plus the steel contribution give conservative
results.

The Cornell report stated that the Code equations become more
conservative as concrete strength increases. The Comnecticut report
stated that for low values of shear reinforcement the equations become
less conservative as concrete strength increases. From Figures 3.23,
3.24, and 3.25, which show results for wvarious values of shear
reinforcement, there does not appear to be a consistent trend in the
data.

For the range of tests run to date the AASHTO/ACI provisions
for reinforced concrete beams with shear reinforcement provide a
conservative estimate of shear capacity.

3.6.2.3 Prestressed, without stirrups. AASHTO and ACI have
three  equations for the concrete contribution in prestressed
concrete. The GCornell report stated that the cracking load for
prestressed members with and without stirrups is the same. Based on
this, the cracking load for members with stirrups will also be

considered in this evaluation (Table 3.3).
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Equation (3.7) is a general equation for both inclined and web
shear cracking. It does not have a term considering the prestress
force. Some of the specimens are very close to or just under the
limit of prestress force being greater than or equal to 40% of the
tensile capacity. Since all were within several percent of 40%, all
specimens were included. The equation is extremely conservative. The
average value of test results divided by predicted results was 3.38.
There was significant scatter but all values were well over 2.0 (Fig.
3.26). Given the Tbasis, the 1limitations, and the extreme
conservatism of the equation; its value is very limited.

Equation (3.10) is for web shear cracking. The equation was
in all cases conservative with an average comparison value of 1.16.
There was very small scatter in the data. There are mno dramatic
trends in the data for increasing concrete strength (Fig. 3.27).
The tests with different a/d ratios suggest that there may be a trend
towards decreasing conservatism with increasing a/d. There is not at
present enough data to confirm this trend.

Equation (3.8) is used to predict flexure shear cracking.
The equation was conservative in all but one case which the authors
said had some experimental deficiency. There appears to be no major
trend for increasing concrete strength (Fig. 3.28).

The Code provisions for prestressed members give conservative

predictions for the cracking load.
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3.6.2.4  Prestressed, with stirrups. There are 16 tests on
high strength prestressed beams with shear reinforcement reported in
American literature. The test results are compared to the Code
predicted value of V_+V_, (Table 3.4). For V, both the general
expression and the appropriate specific expressions are used.

Use of the general expression results in extremely
conservative predictions with an average test/predicted ratio of 2.11.

Use of the specific equations gives more accurate,
conservative results. The test/predicted ratio was on average 1.16
with low scatter. The Code predictions are in all cases conservative
(Fig. 3.29). There do not appear to be consistent trends in the data
for changing concrete strength, amount of web reinforcement, or
prestress force.

3.6.3 1984 Canadian Code

3.6.3.1 No stirrups. The 1984 Canadian Code General Method
is based on compression field theory. The General Method does not
have a concrete contribution term as such. It does set a limit on
the amount of shear that can be taken without stirrups. The following
equation is used to predict the cracking load for reinforced and

prestressed members in crack width calculations.
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v, - {2.4A £7 [ 1480 JE ) ]O'S}bwd (in psi) (3.72)

This equation will be wused for an evaluation of shear tests without
reinforcement.

Table (3.5) contains the results of the reinforced concrete
tests. The prestress term in Equation (3.72) is 1.0 for reinforced
concrete. The Canadian Code limit for d,=.9d was used throughout.
The Code prediction 1is generally conservative in its prediction of
shear capacity. The average value of 1.29 is slightly lower than the
similar AASHTO/ACI equation. The standard deviation is nearly as good
as the long AASHTO/ACI equation, (3.3). There are no distinct trends
in the data for changing concrete strength (Fig. 3.30).

The prestressed beam tests are given in Table (3.6). For
prestressed members the prestress term increases the predicted
cracking load. The prediction is quite conservative with the average
ratio of test/predicted being 1.70. Figure 3.31 shows that there is a
distinct difference in behavior between web shear and inclined
cracking loads. The web shear loads are predicted much more
conservatively, with an average wvalue of 1.85. Inclined shear
cracking has an average ratio of 1.39. There appears to be a slight
tendency towards decreasing conservatism for increasing concrete
strength for inclined cracking.

Figure 3.32 shows all the specimens without shear

reinforcement on one plot. It shows that the equation does give
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reasonably consistent, conservative results for both reinforced and
prestressed beams.

3.6.3.2 Reinforced, with stirrups. Table (3.7) has the
results predicted by the Canadian Code General Method for reinforced
beams with stirrups. A value of 0.002 was used throughout for e, as

allowed by the Code. The angle # was chosen so that f,=f with ¢

2max

factors equal to 1.0. The values of V; in the equation for f, were

chosen so that V£=pvfy/tan0. This allowed a closed form solution
given pvfy and £{. The results gave V, predicted equal to V, assumed.

Anchorage was assumed to be acceptable since a development overhang
was provided. Figure 3.33 shows the results versus concrete strength.
The General Method is conservative in all but one case and no trends
are apparent. An average test/predicted value of 1.67 was obtained.

Plotting test/predicted wversus pvfy leads to sharply decreasing -

conservatism (Fig. 3.34). The tests reported to date are for a small

range of pvfy values. Currently pva could be as high as 800 psi for
10000 psi concrete. Data is needed for high pvfy values to determine
whether the trend continues or if high conservatism at low p f, values

comes from a contribution by the concrete.

3.6.3.3 Prestressed, with stirrups. The solution method
used for prestressed beams 1s identical to that for reinforced
concrete beams. The results of the calculations are shown in Table
3.8. The results plotted against concrete are shown in Figure 3.35.

The average test/predicted value is 1.90. With the exception of two
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specimens with light shear reinforcement there seems to be a tendency

towards decreasing conservatism. Figure 3.36 shows the results
plotted against pv%“ The data shows a sharp decrease in
conservatism with increasing pvﬁr The results do seem to be
somewhat asymptotical to unity. This indicates that the high

conservatism for low pvfy may be due to a concrete contribution.

Figure 3.37 shows all the specimens with shear reinforcement
plotted against concrete strength. The figure indicates that the
Canadian Code General Method is consistent in its prediction of both
reinforced and prestressed members. Figure 3.38 shows all the tests

plotted versus pvfy. Plotted in this fashion there appears to be

a distinction in performance mnot accounted for by the method.
Reinforced and prestressed members show similar behavior for

increasing pv%V A strong possibility for the origin of this

change in agreement as previously mentioned is that the method does
not consider a concrete contribution. This would also explain why the
prestressed specimens were so conservative. Prestress increases the
amount of shear resisted by the concrete increasing the conservatism
of the results.

3.6.4 Truss Model

3.6.4.1 Reinforced, mno stirrups. Table 3.9 gives the

predicted values for the concrete contribution for the truss model
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proposed by Ramirez. For specimens with low shear reinforcement
values the truss contribution to V, is considered to be supplemented
by a concrete contribution. In beams with mno reinforcement, a case
that is strictly not allowed in the truss model, the concrete must
carry both compression and tension associated with the shear. The
current purpose 1is to determine if the maximum allowable concrete
contribution is conservative for high strength concrete. Since most
of the beams were not close to yielding of the longitudinal
reinforcement at the shear failure loads, assumptions were made for =z
values. A common assumption is that z=7/8 d. For current purposes
the smaller of 7/8 d or z at flexural ultimate was used as z. The
average test/predicted wvalue was 1.67 with a substantial amount of
scatter (Fig. 3.39). The limiting wvalue of concrete contribution to
shear is generally conservative.

3.6.4.2 Prestressed, no stirrups. Table 3.10 contains the
truss model predictions for prestressed girders with mno shear
reinforcement. Again the lower estimate of z at ultimate or 7/8 d was
used for z. The z at ultimate was based on Code calculations for
moment capacity. The d wused was a best estimate considering both
prestressed and non-prestressed reinforcement. This was necessary
since the report did not explicitly state the d for the specimens. A

zero value was assumed for v, in the calculations. All calculated K
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values were greater than the limit value of 2.0. Ramirez further

limited K to 1.0 at sections where the extreme tension fiber stress
exceeded 6,f!. As a practical matter K=2.0 was chosen and V,

calculated. This wvalue was wused to back calculate a moment and
stresses to check the limit on K.

The actual/predicted value was 2.38 with moderate scatter.
Little can be said about the model other than it 1is quite
conservative. Figure 3.40 shows the results graphically.

3.6.4.3 Reinforced, with stirrups. The results of reinforced
beams with shear reinforcement are given in Table 3.11. The same
assumptions for z were used as above. In these specimens a v, value
consistent with the final predicted V, was desired for computing
V.. Since the specimens were in the transition zone, V_ changed

as the truss contribution changed. Figure 3.41 shows the relative

contribution of V. and v

o e LOT various V, values. For

computation purposes

V, = 2JEibz + (2/3)*V,, (3.73)
The truss contribution can be calculated given section properties,
shear reinforcement, and an assumption for a. After V_  1is

obtained, V_, can be calculated and a check made that V_+V =V

u°
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Also a check must be made that V>0. Finally, the diagonal
compression strut stresses must be checked to insure that an
appropriate value of a was originally chosen.

The test/predicted wvalue was 1.42 with only moderate scatter.
The data shows a tendency towards decreasing conservatism as concrete
strength increases (Fig. 3.42). The data is more sensitive to changes

in pvfy (Fig. 3.43). There is a general decrease in conservatism
asp f, increases. This may in part be due to underestimating the
concrete contribution at low pvfy values. Figure 3.44 shows the
diagonal  compressive strut stress/allowable stress  versus
pvfy. The percentage increases steadily with increasing pva'

3.6.4.4  Prestressed, with stirrups. Truss model predictions
for the prestressed beams with stirrups are given in Table 3.12. The
same z values were used as in Section 3.6.4.2. Approximately half the

shear span had an extreme tension fiber stress greater than

6 £, so K=1.0 was used throughout.

A value of o = 25° was assumed for each specimen. The
procedure outlined in Section 3.6.4.3 was wused again. It should be
noted that 1f K=2.0 the concrete contribution decreases more rapidly

giving V=V +1/2 V.. 1t was found that for all but 2 specimens
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the concrete contribution was zero. Those two specimens had light

shear reinforcement. The average test/predicted value was 2.11 with

substantial scatter. The results are plotted against concrete
strength in Figure 3.45. The results were also plotted against
pvf& (Fig. 3.46). The trend of decreasing conservatism as pvfy

increases is again apparent. Shear failures originating from inclined
cracking are somewhat less conservatively predicted than those
originating from web shear cracking. The extreme conservatism at low

pvg, values would indicate that the method substantially

underestimates the concrete’s contribution. Figure 3.47 shows the

concrete compression strut stress/allowable versus p fy.
v

3.6.5 Summary. The numerical predictions for each of the
three models have been compared to the available test results. On
average all models were conservative for all cases. There were,
however, a number of tests that were unconservative. The amount of
scatter in the data as indicated by the standard deviation varied
considerably between models and between types of beams.

The different methods will be evaluated statistically as a
means of comparing relative accuracies. For present purposes values
at which there is 95% confidence that 90% of the values are above and
that 90% of the values are below will be computed. This particular

choice of confidence level and limits is somewhat arbitrary, but will
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serve current purposes, The values computed give an indication on
how closely the model predicts behavior. Line 1 of Figure 3.48 shows
data that 1is very tightly bunched about the mean. This indicates a
model that is highly accurate. Line 2 on the other hand would
represent a model with considerable scatter in its predictions.

Table 3.13 contains the results of the statistical

evaluation. Upper and lower confidence limits were computed by:

where K is a factor dependent on the confidence level, percent of
members above or below, and the number of test points [31]. Values of
K not explicitly given were obtained through interpolation. The
results given for reinforced beams are based on Equation 3.3. The
results for prestressed beams are based on using the appropriate
values of V., or V_. The comparison will only be conducted
for members with shear reinforcement at ultimate since both Canadian
and truss methods are not meant for unreinforced members.

The results are shown graphically in Figure 3.49. It is
quite obvious that the AASHTO/ACI equations give accurate results and
that they give the smallest scatter. The Canadian Code General Method
gives substantial scatter. Furthermore the limit values for both
reinforced and prestressed beams are below one. The truss model
gives substantial scatter. The truss model does, however, give limit
values greater than one. So far as accuracy goes AASHTO/ACI does the

best job for high strength members reported failing in shear.
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One important question at the outset of this investigation was
what trends would form in the data as concrete strength increases.
While a few isolated tests conducted holding all but the concrete
strength constant may show some trend, the data base taken as a body
shows little change in conservatism with changing concrete strength.
Factors such as a/d ratio, percehtage of longitudinal reinforcement,
and level of shear reinforcement all showed much greater influences
than concrete strength. For the available test results, increasing

concrete strength has not made the current methods evaluated

unconservative,



CHAPTER 4

EXPERIMENTAL PROGRAM

4.1 Introduction

The goal of the experimental portion of this program was to
determine the failure 1loads and behavior in shear of prestressed
girders made of high strength concrete. The specimens were designed
to examine a wide range of shear reinforcement values. The
reinforcement values were chosen to fill gaps in the meager existing
data base for shear tests of high strength prestressed concrete
beams.

Ten shear tests were performed in this project. Six girders
were cast specifically as shear specimens. The other four shear tests
were conducted on end sections of the flexural specimens tested by
Castrodale [13]. The six shear specimens were a modified version of
the flexural specimens. The six shear specimens had a shear span to
depth ratio, a/d, of 3.0 while the end sections of the flexural
specimens had an a/d ratio of 3.2.

The amount of shear reinforcement was the primary variable in

this investigation. Shear reinforcement values, V., ranged from
zero to 15 Jfe¢b,d. The quantity of shear reinforcement

had a direct effect on the size and spacing of the web reinforcement.
Several minor variables were considered as well. The location
of supports proved critical to behavior. Several stirrup details

129



130

were evaluated. The effects of concrete strength and prestress force

on shear cracking were also studied.

4.2 Description and Design of Test Specimens

4.2.1 Series 1. Series 1 consisted of three girders.
Figure 4.1 shows the cross-section dimensions and properties of the
section used in Series 1 and 2. All girders were 16 ft 1long. The
shear and flexural reinforcement used in Series 1 is shown in Figure
4.2. Throughout the project the prestressing strands were placed in a
grid pattern 1 1/4" on center. Load points and support locations are
illustrated in Figure 4.3. All three girders of this series were cast
at one time using a long line prestressing bed. This assured
identical concrete and prestress force in all three girders.

The primary wvariable was the amount of shear reinforcement.
Specimen 1-1 had mno shear reinforcement excluding end detail steel
which extended from the end of the girder to 7.5 inches into the shear
span past the support centerline (Fig. 4.4). Specimen 1-2 had the
Code minimum V=50 b,d of shear reinforcement. To maintain
spacing limits,’ special #1.5 Mexican deformed reinforcing bars were
used for the shear reinforcement. The location of the normal stirrups
in the shear span as well as the location of internal strain gauges is

shown in Figure 4.5. In all girders a pair of stirrups were used at

each stirrup location. Specimen 1-3 had a Vs=lJfwad
c
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equivalent web  reinforcement quantity wusing a nominal concrete

strength of 12000 psi. The 1Jf. was 109 psi. In this
specimen #2 Mexican deformed reinforcement was used due to spacing
considerations. The stirrup spacing and strain gauge locations for
Specimen 1-3 are shown in Figure 4.6.

Each specimen was designed so that the flexural capacity would
be moderately, about 1.33 times, higher than the expected shear
capacity as estimated wusing ACI/AASHTO Code provisions [2,5]. For

design purposes a nominal concrete strength of 12000 psi was used.

Vv, and V. were calculated wusing an estimate for the
prestress force. Web shear cracking, V_, controlled for all
specimens of this project. The estimate of the total shear force,
V,, was V_ =V_+V_. Since all three girders were cast long

line, the prestress force had to be the same for all. Specimen 1-3
controlled the design. Adjustments in the design were made until the
reinforcement provided the behavior desired.

The prestressed reinforcement was designed to satisfy both
release stress limits and wultimate strength requirements. AASHTO
requirements for tendon stresses and concrete release stresses were
met. Prestress loss calculations were also performed to estimate

prestress force at the time of test. This prestress force was used to
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estimate the concrete contribution. The wultimate flexural capacity
was determined using a slightly modified version of program MOMCURV
developed by Castrodale [13]. The modification consisted of using a
triangular stress block for the entire compression zone including the
deck.

In addition to the main longitudinal and web reinforcement,
the girders had some auxiliary reinforcement. The most important was
the end detail steel. The detail steel, shown in Figure 4.7, was used
in all girders of Series 1 and 2 including Specimen 1-1 which had no
other shear reinforcement. Detail steel stirrups were the same size
as the stirrups wused as the main shear reinforcement. No. 1.5
stirrups were wused for Specimens 1-1 and 1-2 while #2 stirrups were
used for Specimen 1-3. Design of this detail steel was based on the
Texas SDH&PT Standard Detail, (Fig. 4.8) and AASHTO requirements. All
girders also had a minimum amount of steel in the deck. The steel was
proportioned to satisfy temperature and shrinkage requirements from
the ACI.

The cross-section chosen and the support overhang used were
governed by considerations of Series 2 and will be discussed therein.

4.2.2 Series 2. Series 2 consisted of three girders.
Figure 4.9 shows the location of supports and load points. The cross

section and reinforcement are shown in Figure 4.10. The girders were
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again cast and stressed simultaneously wusing the 1long line
pretensioning method.

The primary variable in Series 2 was the amount of shear

reinforcement. Specimen 2-1 had Vg=12Jfwad equivalent
o]

shear reinforcement. Specimens 2-2 and 2-3 each had V;=154f7bwd
o]

equivalent shear reinforcement. A nominal value of 12000 psi was

again used for f'. Specimen 2-2 and Specimen 2-3 had different
c

stirrup details as can be seen by comparing the stirrups in Figures
4.10 and 4.11. To maintain a reasonable stirrup spacing #3 bars were
used in all beams of Series 2. Figures 4.12 and 4.13 show the stirrup
layout and strain gauge locations for Specimen 2-1 and Specimens 2-2
and 2-3 respectively.

The design procedure was essentially the same as described for
Series 1. It was desired to keep the same cross-section for both
Series 1 and 2. Since Series 2 had the higher shear reinforcement, it
was the critical design case. The section chosen was deemed the best
of a number of trial sections. The layout of prestressing strands and
use of nonprestressed reinforcement was governed by both strength
requirements and prestressing bed constraints.

The same end detail reinforcement and deck steel were used as
in Series 1 except that the stirrups shown in Figure 4.7 were changed

to #3 bars for Series 2.
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The decision to use a support overhang came from the desire to
prevent an anchorage failure from causing a general shear failure.
Based on a comparison of tension chord requirements versus strand
development and laboratory constraints, a value of 18 in. from the
centerline of the support to the end of the girder was chosen. This
overhang was kept constant throughout Series 1 and 2.

4.2.3 Series 3. Series 3 consisted of shear tests
performed on the lightly damaged ends of the flexural specimens
previously tested by Castrodale. For full details on flexural design
of these specimens see Reference [13]. Specimens 3-1 and 3-2 came
from opposite ends of the same flexural specimen while Specimens 3-3
and 3-4 did likewise.

Since the specimens were principally designed for flexural
tests, there were several major differences between the specimens of
Series 3 and of Series 1 and 2. The most important was that the
Series 3 specimens had the girders and decks cast compositely. The
high strength girders were cast and then much lower strength decks
were added Ilater. The decks Thad different widths than the
noncomposite Series 1 and 2 specimens. The girders of Series 3 also
had inclined prestressing tendons.

Because the specimens were first tested in flexure they had
sustained some damage. The original girders were 49 feet long. The
concrete at the location of flexural failure basically exploded
leaving the prestressing strands exposed. Any remaining concrete was

removed and the strands were cut separating the two ends. A total
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span of 17 ft 4 in. was used during the shear tests with one test
h%ying an additional 6" for development (Fig. 4.14). The ends used as
shéar specimens were approximately half the original 49 feet in
léégth. The additional length was mnot wused in the test and it
eggended unsupported as an overhang. The observable damage consisted
pg%ncipally of transverse cracks through the deck, some of which went
iqf? the girder. The cracks formed during the flexural failure and
a;sylikely due both to the dynamics of the failure and the shedding of
tﬁé dead load blocks wused during the flexural strength test. Other
dé@age was suspected, but unobservable since the prestressing closed

many of the cracks.
Specimens 3-1 and 3-2 had shear reinforcement of V =8, f;b d

which is the maximum allowed by AASHTO. The cross-section and
prestressing strands are shown in Figure 4.15. The major difference

between these two specimens was the stirrup details as can be seen by

comparing Figures 4.16 and 4.17. The stirrups were all #2 Mexican
deformed bar. The stirrup layout and strain gauge locations are
shown in Figure 4.18, In both tests actual support locations were

modelled. For these specimens slightly different end details were

used as illustrated in Figure 4.19a.

Specimens 3-3 and 3-4 had VS=4vabwd. The strand locations
c

and stirrup detail are shown in Figure 4.20. The stirrups were #2
Mexican deformed bar. Specimen 3-3, like Specimens 3-1 and 3-2, had
the support location and detail steel modelling that of actual field

conditions (Fig. 4.19a). Specimen 3-4 was provided with a 6 inch
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overhang. The stirrup layout and strain gauge locations are
illustrated in Figure 4.21. A special end detall was provided for

Specimen 3-4 and it is illustrated in Figure 4.19b.

4.3, Materials

4.3.1 Concrete. The concrete mix was designed to give a
28 day strength of 12000 psi.  All batches of concrete were obtained
from a local ready mix plant. The mix used was developed through a
series of trial batches reported in Chapter 2 and Reference [11].
The mix proportions and other pertinent data on the actual batches
used are given in Appendix A. A very hard 3/8" crushed limestone was
used to prevent aggregate failures from limiting concrete strength.
Fly ash was used to replace 30% of the cement by weight.

The specimens of Series 3 had a composite low strength deck.
The deck strength was approximately 4000 psi at 28 days. The
properties and mix proportions of this concrete can be found in
Reference [13].

A total of 14 6"x12" plastic mold cylinders, 19 6"x12" steel
mold cylinders, and 10 6"x6"x20" steel mold beams were cast for each
of Series 1 and 2. The beams and steel mold cylinders were tested at
7 days, 28 days, at release, and on each test day. Plastic mold
cylinders were used to check strength gain. The 7 day beam specimens
and 28 day cylinders were moist cured in a saturated lime bath. All

other cylinders and beams were stored in the laboratory with the shear
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specimens. The shear specimens as well as cylinders were dry cured.
They were, however, covered with a curing compound.

Tests were run with a mechanical compressometer on the release
day and a couple of days after the last shear test to determine the
modulus of elasticity of the concrete.

Similar steps were taken with Series 3 specimens. Full
details can be found in Reference [13]. Strengths at test days,
however, are included in Chapter 5.

4.3.2 Prestressing steel. A 3/8" diameter Grade 270 ksi

seven wire low relaxation prestressing strand was used for all shear
specimens. The strand was donated by Florida Wire and Cable Company.
The load-strain behavior as given by the mill report is shown in
Figure 4.22. The modulus of elasticity given by the mill report is
28,400,000 psi. Additional tests were run in the laboratory using
strain gauges attached to one of the seven wires. The apparent
modulus using this method is 30,500,000 psi. From this an appropriate
conversion between strain gauge Vreadings and actual strain could be
determined.

The strand had been stored in the lab for approximately a
year. Over this time it had become lightly rusted.

4.3.3 Nonprestressed reinforcement. Nonprestressed

reinforcement was used both as shear reinforcement and longitudinal
reinforcement. Because of the small specimen size and in some cases

very light shear reinforcement, very small bars were required.
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Deformed bars of the sizes #1.25, #1.5, and #2 were obtained from a
mill in Mexico [13].

Upon arrival the bars had a high yield stress but low
ductility. To correct this they were sent to a local heat treatment
plant. Figure 4.23 shows a typical stress-strain diagram before and

after heat treatment for a #2 bar. After heat treatment the yield

stress was 44 ksi with a net area of 0.0488 in2. Figure 4.24 shows

the #1.5 bar properties. The final yield stress was 53800 psi with a

net area of 0.0269 in?. Because only a small number of #1.5 bars
were required, a portion of each bar used for a stirrup was tested to
failure. The #2 bars were also used in their untreated state as
temperature and shrinkage steel.

For the more heavily reinforced specimens #3 bars were used
for stirrups. No. 3 bars were also wused as added longitudinal
reinforcement in Series 2. The yield stress was 73 ksi. Figure 4.25

shows the stress-strain behavior for the #3 bars.

.4 Fabrication
4.4.1 Introduction. The shear tests performed are the
continuation of a larger project. The fabrication of the shear

specimens was essentially the same as described by Castrodale [13].
Series 3 1is in fact the specimens described therein. For the sake of

brevity only a brief summary and important differences will be given.
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4.4.2 Formwork. The formwork used was made out of plywood.
The forms were stripped and relaquered after every cast. For Series
1 and 2 it was desired to use the same girder cross-section as for
Series 3 which was cast first chronologically. It was also desired to
cast the deck out of high strength concrete at the same time as the
girder. To facilitate this the forms were modified. A layer of
porous foam rubber was placed at the top of the girder forms. This
foam rubber was covered with duct tape to seal out the concrete. The
deck forms were then nailed on top of this. The deck forms were
covered with clear contact paper rather than being lacquered. The
forms were lightly oiled before assembly. After casting the deck
forms had to be removed first and then the girder forms could be
removed.

4.4.3 Pretensioning procedure. All the shear specimens

of this project were cast in the prestressing bed at Ferguson
Laboratory. The pretensioning was done in two steps. In the first
step the strands were tensioned individually to ensure uniform
stressing. Each strand was tensioned to 50 ksi using a monostrand
ram. The stressing operation was monitored by elongations, strain
gauges, and a pressure gauge. Chucks and wedges donated by Great
Southwest Marketing Company were used throughout the project. Due to

the size of the chuck and the small strand spacing a two tiered
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anchorage system was required. Chairs were fabricated at the
laboratory to facilitate this.

The second pretensioning operation wused the large hydraulic
ram in the prestressing bed. The ram pulled all the strands at once.
Tensioning was controlled by elongations and strain readings.
Friction in the bed prevented accurate readings using a pressure
gauge. The strands were tensioned to approximately . 216 ksi (0.8

f?u), then the bed was locked off and the ram unloaded.

At final release after the concrete girders achieved their
specified strength the ram was again loaded until the nuts used to
lock off the bed loosened. The nuts were backed off and the load was
then gradually transferred to the specimens.

4.4 .4 Girder fabrication. All stirrups and end detail

steel were prepared in the laboratory. Prestressing strands were
cut, strain gauges placed, and then the strands were first
tensioned. After this the stirrups and end detail steel were
installed. Final tensioning was then done, and the forms were oiled
and assembled. The girders were cast either one or two days after
final tensioning.

4.4.5 Casting procedures. Project personnel inspected the

ready mix batching to supervise the mix design and add the retarder
and superplasticizer. An additional dose of superplasticizer was

added to the truck at the laboratory to obtain a slump of about 9 in.
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The girders were cast in two 1lifts. The concrete was consolidated
using small internal vibrators. Compaction was good even with the
small clearances and large amounts of steel.

All three girders of a series were cast simultaneously.
Plywood blockouts were used to separate the girders. Upon completion
of the casting the concrete was screeded off. Smooth finishing was
difficult due to the rocky nature of the mix. The concrete was then
covered with wet burlap and plastic.

One to two days later, depending on strength gain, the forms
were stripped and the specimens covered with a curing compound.
Cylinders and beams were also stripped and coated on the same day.

When the specimens had gained sufficient strength, about one
week later, the prestress was released and the strands between the

girders were cut.

4.5, Instrumentation

4.5.1 Internal strain gauges. Internal strain gauges were

mounted on both the shear and longitudinal reinforcement. Figures
4.4, 4.5, 4.6, 4,12, and 4.13 give the locations in the beams. The
stirrup strain gauges were located near midheight of the specimens as
illustrated in Figure 4.26. The gauges were applied and waterproofed

using standard laboratory methods.
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Some of the gauges of each series were continuously connected
to strain indicator boxes from initial tensioning until testing.
Readings were taken periodically to monitor behavior.

Strand gauges were attached to one of the seven wires. The
wire gauges gave an apparent modulus of elasticity of 30.5x10° psi

although the correct strand modulus was 28.4x10°% psi. These values
were used to adjust strain readings to indicate strand stress.

In Series 1 and 2 a Hewlett-Packard data acquisition system
was used to obtain and record the strain readings. For Series 3  both
internal and surface strain gauges were read manually using a switch
and balance box and a strain indicator box.

4.5.2 Surface gauges. Concrete strains were measured

with surface strain gauges. As a check on the prestress force,
surface gauges were placed at five locations at the centerline of one
girder of each series (Fig. &4.27). These gauges were monitored
continuously from release through the test. The girder so
instrumented was the last girder of each series tested.

For the girders of Series 1 and 2 strain rosette gauges were
also used. In most cases the rosettes were placed 10 in. wup from the
bottom of the girder and 1 d and 2 d away from the support (Fig.
4.28). The one exception to this was Specimen 2-3 which had gauges

1.5 d and 2 d from the support.
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4.5.3 Beam deflections. For the specimens of Series 1 and

2 linear potentiometers were used to measure deflections. The Riehle
test machine had a potentiometer that measured head displacements.
Readings were also taken to measure midspan girder displacement and
pad compression in the tests which used neoprene bearing pads. The
potentiometers were hooked up to the data acquisition system.

In Series 3 the readings were taken using dial gauges. The
machine head displacement was recorded manually.

4.5.4 Strand movement detection. Measurements were

taken to determine the existence and amount of strand end slip. A
frame was epoxied to each specimen as shown in Figure 4.29. Again

either linear potentiometers or dial gauges were used to monitor slip.

4.6 Test Frame and Loading System

4.6.1 Test machine. For the majority of these shear

tests, the large 600 kip Riehle test machine at Ferguson Laboratory
was utilized. The test machine 1is of the screw type. The load and
head displacement could be read on a digital display. Figure 4.30
shows the general layout of the test machine and loading system. Due
to the location of the supports, a system had to be devised to span
the trench that surrounds the Riehle test machine. Four W sections
were palired and then bolted to the base of the test machine. The

support pedestals then rested on the top of these spanning beams.
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4.6.2 Loading system. Several different loading systems

were needed because of the different loading requirements for Series
1 and 2 and for Series 3.

4.6.2.1 Two point loading. For the tests of Series 1 and 2 a
two point loading system was used. A large spreader beam was
attached to the test machine. The load points were set at the
appropriate locations for the two series (Fig. 4.3 and 4.9).

Neoprene bearing pads were used for all of the tests of Series
1 and Specimen 2-1. The pads were used both under the load points and
under each support. The pads were 2"x3"x7" and had nine 14 ga. steel
shims in them. The pads gave little resistance to longitudinal beam
displacement relative to the test machine. In several cases a small
keeper was used to resist longitudinal movement. The pad use was
eventually discontinued after a pad failure occurred.

After the mneoprene pads proved to be ineffective for the high
loads of Series 2, steel rollers were used. A pin support was placed
under one end and 1 3/4" diameter steel rollers were used under the
other support and both loads points (Fig. 4.31). Steel bearing plates
1"x4"x10" were used with the rollers. A layer of Hydrastone was

placed between the specimen and the plates to insure even bearing.
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4.6.2.2 Fixed head. For Specimen 3-3 and 3-4 a single
unsymmetrical load point was used (See Fig. 4.14). The shear load was
only critical in one shear span because the other shear span had only
one third of the load. For these tests a fixed loading head was
inserted into the test machine. The load was then applied through a
neoprene bearing pad. Another neoprene pad was used as a support
under the critical shear span. A steel pin connection was used at the
other support.

4.6.2.3 Test frame. For Specimens 3-1 and 3-2 a completely
independent load system was used (Fig. 4.32). The system consisted of
Dywidag bars and a braced load head. The dywidag bars were tied to
the loading floor. A ram and load cell were suspended from the load
head. Load was applied through a spherical head. The general load

and support locations were the same as shown in Figure 4.14.

4.7 Test procedure

A general loading plan was determined prior to the beginning
of each test. This generally involved steps of moderate fractions of
the predicted cracking load. Near the predicted cracking load, single
kip shear increments were wused until cracking was noted. The load
increments were then increased according to the predicted ultimate
load. For Specimens 3-1 and 3-2, after the cracking load was reached
the specimens were unloaded and then reloaded to failure. 1In several

other tests loading had to be suspended, unloaded, and reloaded due
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to problems with the loading system such as excessive bearing pad
displacements.

At each load stage a series of specimen strain and
displacement readings were taken. The readings were either taken
manually or by the data acquisition system depending on which system
was in use for a given test.

Test set up checks were also made at the various load stages.
These checks involved monitoring pedestal movements, beam roll, and
beam displacement relative to the test machine. These readings gave
an indication of test system stability and in several cases indicated
the existence of problems.

At first cracking and then at regular intervals crack growth
was marked. This allowed observance of crack pattern changes with
load. In addition the angle the crack made to the horizontal was
measured and crack width readings were taken on a number of cracks.

Pictures were taken of the beam at the same interval as cracks

were marked. This allowed a permanent record to be kept of beam
behavior.
4.8 Data Reduction

The data from Series 1 and 2 tests were stored directly onto
disk by the data acquisition system. Data were converted to a form.
usable on the laboratory's microcomputers. The data from the

tensioning operations as well as losses over time were taken manually.



175

Data from Series #3 was all taken manually and then input into a
computer.

The majority of the data reduction was done wusing the
laboratory’s computers. The calculation of effective prestress was

done manually.



CHAPTER 5

TEST RESULTS

5.1 Introduction

This chapter contains the results and observations from the
ten shear tests conducted in this project. All ten specimens were
pretensioned high strength concrete girders. Six specimens had high
strength monolithically cast decks while the other four had low
strength composite decks. The principal goal of this program was to
obtain data on the shear capacity of high strength prestressed
concrete girders.

The primary variable was the quantity of shear reinforcement
provided. Series 1 was designed with very 1light shear reinforcement.
These tests were intended to check behavior of girders with mno or very
light shear reinforcement. These specimens were selected to be at
the lower limits of AASHTO/ACI and are quite typical of shear
reinforcement used in full scale long span structures. Series 2 was
designed for extremely heavy shear reinforcement. The heavy
reinforcement was intended to determine if maximum shear reinforcement
levels can be raised for use with high strength concrete. Series 3

was designed to check intermediate behavior. Two specimens had the

current AASHTO/ACI maximum reinforcement of V_=8 f'b,d. The other
c

two specimens had an intermediate level of shear reinforcement.

176
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In the following section the individual tests will be
discussed. Specimen performance will be described including cracking
loads and load-deflection behavior. Information from internal strain
gauges and crack measurements will also be included.

The third section of this chapter will cover the tests as a
group. General behavior of high strength prestressed concrete girders
will be noted. The general behavior will then be compared to the
assumptions of the shear capacity models of Chapter 3. Finally, the
test data will be compared with the numerical predictions of the shear

capacity models.

5.2 Test Behavior

5.2.1 Specimen 1-1. Specimen 1-1 was a prestressed girder

with no shear reinforcement. The principle goal was to evaluate the
cracking load of this type member. The load was applied in two kip
shear increments to 10.0 kips and in one kip shear increments to 21.0
kips. After this the load was increased by 0.5 kip shear increments
until each end cracked. First inclined cracking occurred in the web
at a shear of 26.0 kips. The load dropped substantially, but returned
to the cracking load. Load was then increased until the second end
cracked at 27.0 kips. On each end the first cracks extended from the
bottom flange all the way up to the top flange. Several cracks formed
on each end (Fig. 5.1 (a)). After each end cracked the beam was

unloaded.
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on each end (Fig. 5.1 (a)). After each end cracked the beam was
unloaded.

The beam was reloaded to the previous cracking load of 27
kips. Some extension of the cracks was noted during the reloading.
The beam was then loaded in 0.5 kip shear increments until failure.
Relatively few additional cracks were noted. The existing cracks did,
however, open extremely wide as the load increased. Crack widths were
on the order of 1/4 in. at failure. Flexure cracks were noted at a
shear of 32.0 kips. Flexure-like cracks formed in the shear span at a
shear of 29.0 kips (Fig. 5.1 (b)). At this stage, however, there were
no cracks in the constant moment region. As the load increased the
shear cracks propagated into the bottom flange. Shortly prior to
failure they had progressed nearly through the bottom flange.

There were mno flexure-shear cracks. The wultimate shear
capacity was 34.5 kips (Fig. 5.2). At failure the crack went
completely through the bottom flange just outside the detail steel.
The web exploded with the concrete struts basically intact. There was
no debonding or slip of the prestressing strands prior to failure.

The load-deflection behavior of Speciment 1-1 is shown in
Figure 5.3. The displacements were determined based on the measured
head displacement of the test machine corrected by an estimate of the

compression of the neoprene pads wused. This was required due to
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difficulties with linear potentiomenters. It can be noted that there
were substantial drops in load after each end cracked. Upon reloading
the beam was not as stiff. This was due to the presence of shear
cracking since the beam had mnot cracked flexurally. The
load-deflection curve did flatten appreciably before shear failure
occurred.

Measurements were taken on strand strain during the test.
Figure 5.4 shows the strand strain given by gauge 5 through the two
load cycles. On the second cycle the strains were higher for a given
load. As the flexure-like cracks formed in the shear span the strand
strains began to increase more rapidly as the load increased. Figure
5.5 shows the strain in all the strands for the second cycle. The
estimated pretension strain was 6000ue. Assuming yield to be
at 1% strain the strands in Specimen 1-1 did not yield prior to
failure.

Measurements of the angle of inclination were taken for some

of the cracks that formed. The cracks closest to the support and load
point ranged from about 35° to 50°. The intermediate cracks ranged

from 16° to 30°. As previously mentioned the crack widths became

extremely wide as the load increased.
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5.2.2 Specimen 1-2. Specimen 1-2 was designed for the

AASHTO/ACI minimum of 50 psi of shear reinforcement. The shear
reinforcement consisted of #1.5 deformed bars. The specimen was
loaded at 2.5 kip shear increments up to 20.0 kips. It was then
loaded at one kip increments until first cracking at 22.0 kips. The
other shear span cracked at 24.0 kips. The cracks extended from the
bottom flange all the way to the top flange. Figure 5.6 (a) shows the
crack patterns at first cracking. The load was increased to 26.0
kips, but the test had to be suspended due to excessive shear in the
neoprene bearing pads.

Specimen 1-2 was reloaded after the pads had been reset. The
load was returned to its previous value and increased by one kip
shear increments to failure. A small keeper was used to reduce pad
shear. The cracks extended somewhat during reloading. The cracks
grew very wide as the load increased (Fig. 5.6 (b)). Few additional
cracks formed after first cracking. Flexure-like cracks formed at
about the same time in the shear span and the constant moment region.
As the load neared failure the shear cracks extended deep into the
bottom flange. Failure load was 33.5 kips. Failure occurred due to
fracture of all the stirrups which crossed the failure plane. The
stirrup closest to the support fractured across one crack while the
rest of the stirrups failed across an adjacent crack. The failure

crack went through the end of the detail steel. No flexure-shear
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cracks were mnoted. Figure 5.7 shows the specimen after failure.
There was no slip of the strands during loading.

The load-displacement behavior of Specimen 1-2 is shown in
Figure 5.8. The displacement was determined from readings taken at
midspan by a linear potentiometer corrected for the pad compression
readings given by other potentiometers. The plot again shows
considerable flattening prior to shear failure.

The prestressing stands saw only limited strain during the
test. Figure 5.9 shows one of the gauges through both load cycles.
Figure 5.10 shows all four gauges on the second load cycle. The
strand strains were increasing more rapidly with load as failure
approached. The pretension strain was again 6000ue The added
strain of approximately 1500pue was not enough to begin yielding
of the prestressing strands.

The stirrup strain measurements do not generally provide a

good indication of behavior for Specimen 1-2. Figure 5.11 shows some
interesting stirrup behavior. It will be noted that on the first
cycle the stirrup sees very little strain until cracking. In the

second cycle the stirrup strains for any applied load. Only one gauge
gives an indication of strain seen by the stirrups during the second
loading (Fig. 5.12). The other gauges were away from the cracks.

Crack angles and widths were measured during the test. The

crack angles varied from 20° to 35°. Cracks that formed



191

either close to the support or close to the load point had steeper
angles than cracks forming in the middle of the shear span. Crack
widths were read wusing a plastic card with comparison marks of
varying widths. The initial cracks were approximately 0.010 in. wide.
At a shear of 32.0 kips some crack widths had grown in excess of 1/16
in wide.

5.2.3 Specimen 1-3. Specimen 1-3 was designed for

V5=14f1bwd, for £.=12000 psi. Specimen 1-3 was loaded in 2.5
kip shear increments up to 20.0 kips. It was loaded in one kip
increments thereafter to failure. First cracking occurred at 25.85
kips of shear.. The other shear span cracked at a shear of 27.0 kips.
The cracks ran from the bottom flange to the top flange. The crack
widths increased greatly as the load was increased. The first flexure
cracks formed in the constant moment region at a shear of 31.0 kips.
Cracking patterns were similar to that of Specimen 1-2. At a load of
33.0 kips flexure-shear cracks were observed. The ultimate load was
35.85 kips. Final failure occurred when all the stirrups crossing the
failure plane fractured. The failure crack went through the bottom of
the specimen at the end of the detail steel. The deck on the failure
end delaminated at the load point. No strand slip occurred during

testing. Figure 5.13 shows the failed specimen.
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The load-displacement behavior of Specimen 1-3 is shown in
Figure 5.14. The curve shows significant flattening before failure
occurs.

The prestressing strand strains are shown in Figure 5.15.
The strands behaved very linearly up to shear cracking. After shear
cracking the strains increased more rapidly, but it was not until
flexural cracking that the strands saw subtantial strain. With a
prestrain of 6000ue the gauges do not indicate yield of the
strand.

The stirrup gauges show interesting behavior (Fig. 5.16). In
each span the stirrups showed very 1little strain up to cracking.
Then one stirrup showed very large strains and another quit, likely
due to high strains. The stirrups obviously did see very large

strains since each one that crossed the failure crack fractured.

Crack angles and widths were again measured. Most cracks
were inclined from 25° to 35°. 1Initial crack widths were about
0.005 in. The cracks measured grew much wider as load increased. At

a shear of 34.0 kips most cracks measured were 0.25 in. or more in

width. Figure 5.17 shows the change in width for a typical crack.
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5.2.4 Specimen 2-1. Specimen 2-1 was designed for a

VS=124bewd with £{=12000psi. Specimen 2-1 was loaded in 2.5 kip
increments up to a shear load of 30.0 kips. At a shear value of 32.0
kips shear cracks were mnoted. The specimen had suffered from
shrinkage cracking before to formwork removal. All shrinkage cracks
were closed at the time of the shear cracking. The second shear span
cracked at 34.0 kips. Figure 5.18 (a) shows the initial cracking.
The cracks were short and very fine with widths about 0.002 in. The
load was increased in two kip increments to 80 kips and then by one
kip until failure. The number of cracks increased greatly as the load
increased (Fig. 5.18 (b)). The crack widths stayed very small. The
first flexural cracks became apparent at 60.0 kips. The flexural
cracks that opened formed at the existing shrinkage cracks. The
cracks rapidly increased in height. Flexure-shear cracking was
observed at 70 kips. Failure came from web crushing at 97 kips. Much
of the web was blown off explosively at failure. Concrete spalled off
over a region about 50 inches long (Fig. 5.19). The shear span was
just under 56 inches long. Most of the concrete that blew off came
from close to the bottom flange. In one location there was a hole
completely through the web. After failure a large crack was observed
just behind the support in the overhang. Prior to failure no slip was

noted in the strands. After failure a number of strands pulled in.
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This was due to loss of bond because the strands were exposed in some
areas. The bottom layer of steel did not slip to any significant
degree.

Figure 5.20 shows the load-deflection curve for Specimen 2-1.
The displacements are corrected for pad compression. The curve
indicates a loss of stiffness for increasing load. It does not,
however, show really pronounced flattening near failure.

The strand behavior is shown in Figure 5.21. The two gauges
shown are for similar locations in the beam. The initial pretension
strain was 5300ue. With an added strain of only approximately
1000ue the strands were not near yield in the shear span.

One of the nonprestressed reinforcing bars was also gauged
(Fig. 5.22). The bar underwent 2890 microstrains during testing.
Yield strain was 2520ue. The bar was precompressed by 1900ue due
to prestressing. The bar did not yield.

Stirrup performance is indicated in Figure 5.23. Very small
strains occurred up to cracking. After cracking the stirrup strains
increased steadily with load. The figure shows that some but not all
of the instrumented stirrups yielded. The outer stirrup on each end
gave readings below yield.

Crack angles and widths were marked during the test. Crack

angles varied through the span from 20° to 40°. Crack widths
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stayed very mnarrow throughout the test. At a shear level of 90 kips
the widest cracks found were 0.007 in. with most only 0.002-0.003 in.
As noted, the crack widths were quite small and cracks were closely
spaced.

5.3.5 Specimen 2-2. Specimen 2-2 was designed for a nominal

V,=15JfLb,d for £.=12000 psi. The stirrups were designed
to model those used in practice. They provided no confinement for
the strands. The load was applied in 2.5 kip shear increments up to
30 kips. Cracking was noted at a shear of 32.0 kips. The other shear
span cracked at 34.0 kips. The shear was increased in two kip
increments up to 60 kips. Shrinkage cracks were noted to open at 50
kips. At 60 kips the neoprene bearing pads were showing unacceptable
shear distortion so the specimen was unloaded.

The pads were reset and the beam was reloaded. The first
flexure-shear cracks were observed at 64 kips. The cracks became more
numerous and elongated into the top and bottom flanges. At 94 kips
the bearing pad under one support failed. The beam was again
unloaded.

For the final cycle steel rollers were used. The load was
again applied in 7.5 kip increments wup to 90 kips. From 90 to 100
kips, two kip increments were used and thereafter one kip increments.

The beam failed due to web crushing at 106.0 kips (Fig. 5.24). The
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cracks propogated some each cycle. At failure, concrete was blown
out from the support all the way to the load point. Most of the
concrete blown out came from the lower four inches of the web. After
failure major cracks were noted in the deck around the support region.
No strand slip was measured prior to failure.

Figure 5.25 shows the load-deflection curve for Specimen 2-2.
The figure shows all three load cycles. Each cycle showed increased
displacement for a given load. The curve inclined some with load.
The specimen deflected over an inch during the test.

Figure 5.26 shows a typical strand strain through each cycle

of loading. The strand strain for a given load did not change
dramatically for the three cycles. Figure 5.27 shows the strand
strains on the final cycle. None of the strands reached yield at a

gauged location.

Figure 5.28 shows stirrup strain for one stirrup through all
three load cycles. It can be seen that the stirrup did not show much
strain until after cracking. The stirrup held some strain between
cycles of 1load. Figure 5.29 shows all the stirrups during the last
cycle. Some of the stirrups did reach yield.

Specimen 2-2 had a very large number of cracks. Crack widths

in general were 0.004 1in. or less out to failure. Crack angles were

generally from 28° to 35°.
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5.2.6  Specimen 2-3. Specimen 2-3 had a nominal Vs=154TZde
for £,=12000 psi. Specimen 2-3 stirrups were designed to provide the
prestressing strands with added confinement. It was loaded in 2.5 kip
increments to 30 kips. Cracking was noted at 34.0 kips. The cracking
was very limited. The other shear span cracked at 38.0 kips. The
load was then increased in two kip shear increments to 100 kips and
one kip increments thereafter. The number and length of cracks
increased with loading. Flexure cracks were noted at 60.0 kips.
Flexure-shear cracks were noted at 90.0 kips. The cracks propagated
as the load increased. Failure occurred at 104.0 kips. The mode of
failure was web crushing (Fig. 5.30). The web crushed throughout the
shear span. There were cracks in the deck at the support after
failure. The crushed concrete extended about five inches up the web.
Prior to failure no strand slip was measured.

The load-deflection plot for Specimen 2-3 is shown in Figure
5.31. The curve indicates that the member had substantial stiffness
remaining up to final shear failure. Final deflection was slightly
less than one inch.

Strand strains are shown in Figure 5.32. The gauges were
placed in two symmetrical locations along the beam. The gauges

farther into the shear span showed much larger strains for a given
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load. None of the gauges show enough strain to indicate yielding of
the strands.

Figure 5.33 shows the performance of the nonprestressed
reinforcement. The gauge was located at the same place as the outer
strand gauges. The bar was not close to yield at ultimate.

The stirrups did not pick up load until after shear cracking.
Figure 5.34 shows stirrup strains thoughout the loading. All but the
first stirrups in from the support showed yielding at failure.

Specimen 2-3 had a large number of very fine cracks. Crack
widths near failure were generally 0.004 in. or less. Individual
crack angles varied from 25° to 45°. Crack angles were generally
about 28°.

5.2.7 Specimen 3-1. Specimen 3-1 was one end of the first

flexural specimen tested by Castrodale. The specimen had a nominal

shear reinforcement of SJ?wad. Standard type stirrup details

were wused. The support location was modelled after that used in
actual practice. Since the specimen had previously been tested in
flexure it had suffered some damage. The most observable damage

consisted of transverse cracks that extended through the deck and in
some cases into the top flange. Additional damage due to the violent

flexural failure was likely but not observed due to the prestress.
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Initially several load cycles were applied and discontinued due to
load system difficulties. The loads exceeded those which were finally
observed to cause cracking. In these preliminary cycles no crack
observations were made. For these reasons the cracking load observed
is of little value.

For the actual test, two load cycles were run. The first
cycle was intended to determine the cracking load and the second to
observe cracked behavior at low loads and then to determine the
ultimate load. The first cycle went up to a shear load of 34.8 kips.
Cracking was mnoted at a shear of 19.5 kips. The cracks were all very
fine. Given the preceeding events described above it is likely that
this was the reopening of existing cracks. The cracks noted extended
somewhat and a few new cracks were noted during this cycle. The beam
was then unloaded.

On the second cycle the specimen was loaded in five kip
nominal shear increments. At 38.6 kips the test had to be suspended,
the girder wunloaded, and a new pressure gauge installed. The girder
was then reloaded without any reading being taken until 40 kips. The
first flexural cracks were observed at 44.5 kips. At 49.4 kips
additional flexural cracks were observed. Shear cracks also entered
into the bottom flange at this load. Failure occurred at a shear of
63.2 kips (Fig. 5.35). The failure was induced by slip of the
prestressing strands (Fig. 5.36). The failure was not catastrophic

since the applied load dropped rapidly with added displacement. The
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member still held load even after slip. Very large cracks formed
right at the end of the detail steel when debonding occurred.

The load-deflection behavior of Specimen 3-1 through the last
two load cycles is shown in Figure 5.37. The behavior is very
consistent between the two cycles. This is partly due to the lack of
flexural cracking.

Strand behavior can be seen in Figure 5.38. It will be noted

that strand behavior is basically identical in both cycles. The beam
was quite elastic. The gauges which were separated by 21 3/8 inches
show a marked difference in behavior. Gauge 2 exhibits much more

strain than gauge 1 at all load stages. Neither gauge was close to
vielding of the strand.

The stirrups used for this Specimen were #2 deformed bars.
The bars after heat treatment had a yield stress of 44 ksi. The yield
strain was approximately 1520pe. Figure 5.39 shows strains for one
of the gauges through both load cycles. It will be noted that some
strain was held in the bar. It will also be noted that without the
offset, behavior would be almost identical. This implies that the
beam was probably cracked for the first cycle as it definitely was for
the second. Figure 5.40 shows all the gauges through the second
cycle. It appears that all the gauges but gauge 6, which was the
closest to the load point, yielded. Gauges 4 and 5 were both just

over yield.
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The failure mechanism was from strand slip and thereby a loss
of the tension chord. Figure 5.41 shows the load-slip behavior of the
bottom row and second row of strands for the final load cycle. It
shows that there was some slip before the final major slip. The
draped strands showed varying degrees of slip. The top strand did not
slip while the lower draped strands did slip slightly. The deck which
was cast compositely did not show any significant slip throughout the
loading.

Several observations were made of concrete cracking patterns.
The shear cracks observed were generally inclined 25° to 35°. Shear
cracks entered the bottom flange close to the support. Crack widths
were not measured, but they did not appear very wide up to failure.

5.2.8 Specimen 3-2. Specimen 3-2 was the second end of the

first flexural specimen tested by Castrodale. This girder had
V,=84f{b,d. An improved stirrup detail was used for this
specimen. A support location modelling actual field conditions was

again used. The specimen’s condition was similar to that of Specimen
3-1 except that it had not been subjected to the early shear loading
cycles. Damage was assumed to be similar.

The beam was first loaded in a cracking cycle. The specimen

was loaded to 33.9 kips of shear and then unloaded. Observation of
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the specimen had been made at 9.8 kips and no cracks were apparent.
Cracking was observed at 14.7 kips. Upon unloading the cracks were
apparent though somewhat closed.

The beam was reloaded in nominal five kip shear increments.
The cracks were noted to have not changed substantially at 15 kips.
Flexural cracking was noted beyond the load point at 38.6 kips and in
the shear span at 49.4 kips. Flexure-shear cracks were observed at
54.4 kips and they reached the top of the web at 57.3 kips. The
ulitmate load reached was 65.2 kips (Fig. 5.42). The failure mode was
strand slip. The beam was able to take substantial load after slip,
but did not again get to 65 kips. The strands continued to slip under
added loading.

The load-deflection behavior of Specimen 3-2 1is shown in
Figure 5.43. Behavior between the two cycles can be seen to be
similar.

Strand behavior can be seen in Figure 5.44. The strain
gauges were well separated in the shear span. Both gauges show some
strain set after the first cycle. If the set was taken out, the curve
for the second cycle would be identical to that of the first. It will
be noted that the two gauges show dramatically different amounts of
change in strain. Neither gauge reached the yield strain.

Figure 5.45 shows one of the stirrups through both load
cycles. Some set in the strain readings remained after the first

cycle. 1If the second cycle is shifted to zero, the curves become
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identical. For the second cycle, the specimen was definitely
cracked. Tt appears that the girder was cracked prior to testing
since the first cycle shows identical behavior. The stirrup began
straining immediately upon loading rather than having a period of
small strains before cracking, as would be expected of a virgin
specimen. Figure 5.46 shows all the stirrups for the second loading.
The plot shows that all stirrups but gauge 6 had reached yield.
Stirrup gauge 6 was the closest of the instrumented stirrups to the
load point.

The load-slip curve for the lower levels of strands is shown
in Figure 5.47. The second strand level showed some slip prior to
general slip. The bottom strand slipped suddenly. The draped strands
all slipped a measurable amount. Each draped strand slipped slightly
more than the one above it. The deck slipped a very slight amount at

failure.

The web cracking on Specimen 3-2 was typically angled at 25°
to 30°. 1Inclined flexure-shear cracks were typically around 40°
as were cracks at the support. Upon failure the major crack went
through the bottom of the girder 8.5 in. from the end. Other

cracking also resulted from the loss of the tension chord.
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5.2.9 Specimen 3-3. Specimen 3-3 was one end of the second

flexural specimen tested by Castrodale. The girder was designed for

V=4 Af{b,d. Standard stirrup details were used. Actual support

locations were modelled for this girder. Specimen 3-3 had first been
tested in flexure and had failed wviolently. There were transverse
cracks across the top of the deck. The specimen also had a large
number of shrinkage cracks throughout the section. The prestress
effectively closed cracks in the web and it 1is believed prevented
detection of existing cracks prior to the test.

The specimen was loaded in one cycle to failure. The
specimen was loaded in four kip shear increments to 20 kips then two
kip increments to 34 kips and one kip after that to failure. Cracks
were observed near the end of the beam at eight kips. As the load
increased the cracks were noted to increase in number aﬁd width.
Flexure cracks were noted at 38.0 kips. Failure occurred at 41.0 kips
(Fig. 5.48). The failure mode was strand slip. Prior to failure
shear cracks had extended deep into the bottom flange. Shrinkage
cracks close to the support were noted to not be open.

Figure 5.49 shows the load-deflection behavior of the
specimens. It can be seen that the specimen had lost little stiffness
up to failure. This was mainly due to the small amount of flexural

cracking that occurred.
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Strand behavior was measured at a number of locations along
the shear span. Figure 5.50 shows gauge readings versus load through
the cycle. The gauges were placed so that two gauges were relatively
close to each other. The two "pair" gauges gave very similar results.
The three distinctly different locations gave quite different load
versus strain curves. The further away from the support that the
gauge was, the greater the strain. Gauge 7 was located on the draped
strand at roughly the same location as gauge 4. The gauge saw some
compression early and did not go into appreciable tension until the
load was about 3/4 of ultimate. Figure 5.51 shows the strains through
the shear span at wvarious load stages. None of the gauges indicated
that the strand yielded prior to failure.

Stirrup gauge readings are illustrated in Figure 5.52. The
gauges began to strain as soon as load was applied. This indicates
that the beam was likely precracked before the shear test began. Only
two of the gauges reached yield prior to the strand slip. Figure 5.53
shows the strand strains along the shear span at various loads. It
shows that the stirrups near the center of the shear span yielded
while the stirrups near the load point and support did not.

The failure mode was strand slip. The load-slip curve for
the bottom and second rows are shown in Figure 5.54. It can be seen
that the second row strand began to slip early in the loading and
continued to do so by small increments until a final large slip. The

bottom row stayed steady until 38.0 kips. It then slipped slightly
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for several load stages followed by a large and then catastrophic
slip. The draped strand did not slip throughout the test. The deck
did slip 0.006 in. during the test,

Readings were taken of both crack angle and crack width.
Crack angles in the middle of the shear span ranged from about 20° to

35°. Crack angles near the support and load point ranged from 40°

to 55°. Crack readings were taken in the final five load stages.
Crack widths on measured cracks ranged from 0.010 to 0.050 inches.
These cracks were read since they were the widest ones. Other cracks
had lesser widths.

5.2.10 Specimen 3-4. Specimen 3-4 was an end of the

second flexural test perfomed by Castrodale. The girder was designed

for a nominal V=4, f(b d. Standard stirrup details were used.

For this specimen an overhang to allow for more development was
included. The support centerline was‘8.5 in. from the specimen end.
Specimen 3-4 is the second end of the girderfrom which Specimen 3-3
was taken. The observations about damage to 3-3 are also true for
this specimen.

Specimen 3-4 was loaded 1in four kip shear increments to 20

kips, two kip increments to 36 kips, and one kip increments there-
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after. Cracks were observed at 8.0 kips. As the load was increased,
cracks were marked and measured at load stages. At 34.0 kips some of
the shrinkage cracks began to open as flexural cracks. Flexural
cracks were observed at 40.0 kips. At 47.9 kips web crushing was
observed in a localized area at the top of the web. The crushing was
a slow spalling rather than the explosive failure expected with high
strength concrete. The crushing originally occurred between two
cracks. It appeared that the top of a diagonal compression strut was
crushing. The crushing also brought about a decrease in load. Upon
further loading, the load increased to 48.9 kips. At this level a
second area of crushing formed.  Further loading caused a third and
fourth area to crush giving fairly general crushing of the web and
greatly reduced capacity (Fig. 5.55). Strand slips on the order of
0.004 and 0.002 in. were noted for the second and bottom rows
respectively. The slip was not of sufficient magnitude to affect the
failure mode. The draped strand and deck showed no measurable slip.

The load-deflection behavior for Specimen 3-4 is shown in
Figure 5.56. It will be noted that as the specimen neared the
crushing 1load, the slope of the load-deflection curve decreased
dramatically. The curve became fairly flat for about 0.15 in. and
then entered a descending branch. The flat portion of the curve
corresponds to the period of crushing.

Strand behavior versus load 1s shown in Figure 5.57. The

gauges were placed throughout the shear span. The location had a
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significant effect on the strain measured. Those located closer to
the load point had greater strain in general. A gauge was placed on
the draped strand. This gauge read compression through all but the
last several load cycles. A gauge was also placed 1.75 in. outside
the support centerline. The gauge read compression until just prior
to failure. Figure 5.58 shows strains along the shear span at various
load stages. It can be seen that strains at the end of the girder
changed little during loading while gauges near the load point changed
considerably.

Stirrup strains <versus load are shown in Figure 5.59. The
readings are somewhat erratic at high loads but they do give useful
information. The gauges began to strain as soon as load was applied.
This indicates the beam was likely precracked. The figure also shows
that three of the stirrups had reached yield. Figure 5.60 shows
stirrup strain readings along the shear span. It will be noted that
the three interior gauges yielded while the gauge nearest the support

and nearest the load point did not yield.

5.3 Discussion of Test Results

5.3.1 General. This section will compare the individual
tests to determine general properties of shear behavior in high
strength prestressed concrete. As a starting point the internal

behavior of the specimens will be discussed. A conceptual truss model



241

can be used to provide a general framework for this discussion. There
are five major failure mechanisms possible in a truss model including:
tension chord failure, compression chord failure, stirrup tensile
failure, diagonal compression strut failure, and detailing failures of
either debonding or slip of longitudinal reinforcement or nodal
failures. Of these five mechanisms stirrup failures, diagonal
compression strut failure, and slip of reinforcement were all observed
and will be discussed. Additionally some general comments about
strand behavior, surface strain readings, and cracking will be made.

After this general discussion the results are compared with
the shear capacity model assumptions. The final and most important
comparison will be between predicted and actual capacities.

5.3.2 Observations

5.3.2.1 Stirrup. tensile failures. Tension failure of the
stirrups is one possible mechanism for general beam failure. All but
one of the specimens tested had some level of shear reinforcement.
These beams can be divided into those in which general failure was
initiated by stirrup fallure and those which were not. Specimens 1-2
and 1-3 were controlled by failure of stirrups. Both specimens had

light shear reinforcement: pvf&=61 and 109 psi respectively. The

prestress force, longitudinal reinforcement, and concrete were all

identical.
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An indication of the behavioral changes due to stirrups can
be obtained by also comparing results for Specimen 1-1 which had the
same prestress, concrete, etc., but no stirrups. All three girders
had relatively similar cracking loads. The increasing of stirrups had
several behavioral effects. Specimen 1-1, which had no stirrups, had
major cracks form at initial cracking which ran from the bottom flange
to the top flange. The cracks extended as the load increased but not
dramatically. No additional shear cracks formed. The existing cracks
grew very wide. The load which caused shear cracking was lower than
that required for flexural cracking. As a result, the shear cracks
became extremely wide without the bottom flange cracking from flexure.
Flexure-like cracks were noted in the shear span before any formed in
the constant moment region. It would appear that these cracks had to
form to maintain compatibility of deformations. The concrete in the
bottom flange could not deform enough to maintain compatibility with
the highly deformed web. From a review of the failed specimen it is
quite probable that the specimen failed from a web instability rather
than crushing or strand related phenomenon.

Specimen 1-2 was designed for pvfy of 50 psi. Due to
material differences it actually had pvfy=6l psi. The presence of

that level of stirrups had little effect on the number or length of
cracks which first formed. Again there was some extension of cracks

with increasing load. A few mnew shear cracks formed. Crack widths
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seemed to be less than for Specimen 1-1. At high loads flexure-like
cracks égain formed in the shear span before they formed in the
constant moment region. The number, depth, and location were all
more restricted than in Specimen 1-1. The light stirrups while still
allowing considerable shear crack width, held the beam together
reducing compatibility problems from an extremely deformed web. The
final ecrack width was controlled by the deformation between cracks
needed to fracture the stirrups. It is most likely that one stirrup
reached its fracture load and that the remaining stirrups had
insufficient reserve capacity causing the beam to ‘"unzip" and
progressively fracture the remaining stirrups.

Specimen 1-3 was designed for pvf&=109 psi. The amount of

stirrups had mno apparent effect on the cracking load and no obvious
effect on the initial cracking pattern. As the load increased, more
new cracks formed than had been seen in either Specimen 1-1 or 1-2,
although the number of cracks was still very limited number. The
added stirrups helped to distribute the shear cracking. Rather than a
very few wide cracks, there were a greater number of relatively
smaller cracks. For Specimen 1-3, flexure cracks first appeared in
the constant moment region and then later in the shear span. The
increase in stirrups decreased the web deformation at a given load.

Crack widths did grow very wide as failure approached. At ultimate



244

the collapse sequence was undoubtedly the same as for Specimen 1-2
with progressive fracturing of the stirrups.

The ultimate shear span loads were 34.5, 33.5, and 35.85 kips
for Specimens 1-1, 1-2, and 1-3 respectively. For all practical
purposes the failure loads were independent of shear reinforcement.
Note that Specimen 1-2 did slightly poorer and Specimen 1-3 did only
slightly better than Specimen 1-1 which had no stirrups. This
certainly is counter to expected behavior, and it is Specimen 1-1 that
behaved quite differently than expected. Between web cracking and
ultimate, the beam took 8.5 kips additional shear load. The ultimate
load was 1.33 times its initial inclined cracking load. The general
assumption in shear design is that cracking and ultimate are the same
value for members without shear reinforcement. In this beam at
inclined cracking, however, both the top and bottom flanges were
uncracked. The beam was able to find stable internal 1load paths to
carry the loading. This remained true until failure. In Specimens

1-2 and 1-3 the stirrups provided the mnecessary hangers for the

conceptual truss model. The stirrups helped to carry the load from
cracking to wultimate. At stirrup fracture the stable internal
mechanism lost a component. The specimen was unable to find an

alternate mechanism and failed.
The stirrup strain gauges in Specimen 1-2 and 1-3 did not in
general show strains of the magnitude that were obviously occurring.

The gauges were slightly away from the major cracks. This also
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indicates that the small bars used had good bonding ability. The
stirrup action crossing an extremely wide crack had essentially a
localized effect on stirrup behavior.

The deformations observed and final fracture of shear
reinforcement are dependent upon no other failure mechanism occurring
prematurely. Proper anchorage of the longitudinal reinforcement is
essential to allow loads and deformation of the magnitude observed.

Stirrup behavior was quite different for the seven other

tests. The shear reinforcement capacity V_ varied from 4 to

15 flb,d. Several general trends were observed as the level of shear
reinforcement increased: a) The number of initial cracks wvaried but
their 1length and width decreased; b) The number of new cracks
increased while the crack width declined. In these seven tests no
compatibility cracks formed in the tension flange 1like those in
Specimens 1-1 and 1-2. The wuse of heavier stirrups reduced the
shear deformations.

In general the instrumented stirrups yielded even for the

beams with VslSJbewd. Generally the stirrups that did not yield were
either close to the support or the load point. It is possible that a
portion of the stirrup above or below the gauge was yielding and that
the gauge location was outside the primary load resisting region.

From the observations made earlier it is quite possible one portion of
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the bar yielded while another portion a small distance away had not
reached yield.

5.3.2.2 Concrete compression diagonals. Crushing of the
concrete compression diagonals was the failure mode in four of the

shear tests. Of those four tests three had extremely heavy shear

reinforcement. The three tests of Series 2 had 15.5,/f(b,d and

19.3 df:bwd actual shear reinforcement. The beams were provided
with a support overhang to insure proper development of the flexural
reinforcement. Each specimen had a large number of very fine cracks
in the web prior to failure. At failure the web blew out explosively.
The concrete spalled for nearly the full shear span in each case. The
crushed zone was highly irregular but tended to be in the lower
portion of the web. The concrete was generally blown out down as deep
as the level of the stirrups. In places it was destroyed all the way
through the web. The failure gave a clear indication that for such
heavy shear reinforcement values the beam set up a diagonal
compression field. The cracking and crushing was distributed
uniformly over the shear span. The action was that of a field rather

than discrete struts.
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Specimen 3-4 displayed a different mode of web crushing.

This specimen had V=4 f' ;b d of shear reinforcement.
A small overhang was provided to improve anchorage. In this specimen
four major cracks defined three principle struts. There was some
secondary cracking but it was limited. The major cracks had
substantial width. The web crushing sequence is shown in Figure 5.61.
Region 1 was the first to crush and spall. There was a significant
drop in load. Upon further loading, a higher load was attained until
Regions 2 and then 3 both crushed and spalled. Finally, Region 4
crushed. By the time Region 4 crushed the specimen had obviously lost
the majority of its load carrying capacity. The specimen appeared to
have three distinct diagonal compression struts. When strut B failed,
the extra load was transferred to struts A and C. Further loading
crushed each of these struts, finally destroying the member’s
capacity. This type of crushing may be a partial result of using high
strength concrete. High strength concrete has limitea capacity beyond
the strain value at peak stress. It is possible that strut B reached
its peak strain. This strut would have reduced capacity thereafter.
The load was then transferred to struts A and C where the same thing

eventually happened.
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5.3.2.3 Strand slip. Strand slip or node anchorage failures
proved to be a common failure mode. Specimens 3-1, 3-2, and 3-3 were
the ends of 1/3 scale model tests of long span bridge girders. For
the flexural tests, section parameters and stresses were modelled as
accurately as possible including the use of dead load blocks to
properly model internal dead load stresses. Due to the limited number
of available sizes, a smaller number of relatively larger prestressing
strands had to be wused. The dead load blocks were not used in the
shear tests for practical reasons but should not have affected the
anchorage of the strand. Actual support conditions for typical
pretensioned girders were modelled. For the model tests the support
centerline was two inches from the end of the girder.

Each girder behaved normally wup to the point of strand
slippage. Cracking loads and patterns did not appear affected and
neither did internal strain measurements. Dial gauges placed on the
ends of the strand did, however, indicate impending problems. In all
three girders the second row of strands showed slight slip at
relatively low load stages. The slip stayed quite small, about 0.005
in., until just prior to general slip. The bottom strand row tended
not to slip at all until just before general failure. Draped strands
tended not to slip as much or slipped as secondary effects.

Anchorage failure signals the end of a member’s capacity. As
the strand slips, the prestress force in the end of the girder drops

rapidly. As the slip proceeds, the entire tension chord becomes
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ineffective leaving essentially unreinforced concrete just past the
support. In the specimens tested, the failure crack generally went
through the bottom flange at the end of the detail steel.

This mode of failure raises questions about current design
practice. Each test girder which modelled actual end support
conditions failed due to anchorage failure. Thus anchorage seems to
be the weak link in the shear resisting mechanism of model specimens.
While the development characteristics of the model and prototype
strands are different, the behavior noted in the model tests is
serious enough to warrant caution and further testing of prototype
specimens. Appendix B has a more in-depth look at the problem of
development of prestressing strands.

5.3.2.4 Strands. General strand behavior indicates the
general internal state of the member. The tension chord is easier to
define and evaluate than the compression chord. A number of strain
gauges were placed on the prestressing strands of each specimen as
well as on nonprestressed longitudinal reinforcement when it was used.
For the prestressed reinforcement a best estimate was made of the
state of stress and strain in the strand at the time of test. During
the test the change in strain was measured. The cumulative strain is
primarily important in this discussion since it governs if the strand
reached yield. So far, as internal behavior is concerned, the change

in strain under load is more important.
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A review of the strain readings for the prestressing strands
reveals several facts. The first is that at the locations gauged the
strand did not reach yield. A second observation is that change in
strain readings varied‘along the length of the shear span.

5.3.2.5 Cracking. The cracking pattern indicated the
internal response of the concrete. Some comments were made earlier
with reference to the level of the shear reinforcement. This will be
expanded upon in addition to the comments made on crack angles and
crack widths.

The number and extent of cracks at first cracking is largely
governed by the amount of shear reinforcement present. The specimens
of Series 1 had a very low level of shear reinforcement. The initial
inclined cracks extended from the bottom flange all the way to the top
flange. For Series 2 with very heavy shear reinforcement the initial
inclined cracks were very short and extremely narrow. Series 3 was
very likely precracked before the shear loading so the resulting
initial cracking is of little value.

The level of shear reinforcement greatly affected cracking as
the load increased. In Series 1 very few additional cracks formed
after initial cracking. The crack width, however, grew to extreme
widths in excess of 1/8 in. Series 2 beams had a very large number of
new cracks and crack extensions as the load increased. Throughout the

loading most cracks were less than 0.005 in. wide. Series 3 behavior
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was within the bounds set by Series 1 and 2. Specimens 3-1 and 3-2,

with V=8, flb d, had a considerable increase in cracking as the
load increased. No crack width measurements were taken. Specimens
3-3 and 3-4, Vs=44f2bwd, had substantially less cracking.
There were a few primary cracks as well as some secondary cracking.
Crack widths reached 0.050 inches. The quantity of shear
reinforcement provided affects the spacing, number, and width of the
shear cracks.

The angle of inclination of cracks varied somewhat throughout
the program. The angle of inclination varied along the length of each

beam. The angles at the end and near the load points tended to be

higher. Angles as high as 55° were mnoted in these regions. Away
from load points and supports the cracks flattened out somewhat.
There was some variation from specimen  to specimen but the average
crack inclination varied from 25° to 30°. The quantity of shear
reinforcement and prestress did not correlate consistently with the
crack angle.

5.3.2.6 Rosette strain gauges. Rosette strain gauges were
used on the beams of Series 1 and 2. The rosette gauges were used in

an attempt to obtain the direction and magnitude of principal stresses
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in the web of the girders. The gauges gave only limited success and
will therefore be discussed as a group rather than for each individual
girders.

The results for Series 1 were fairly consistent. Prior to
cracking the principal compressive stress was inclined from about 39°

to 45° towards the load point. Prior to cracking the tensile stresses

indicated ranged from 300 psi to 900 psi with most wvalues about 675
psi. This 1is 6.35 sz. After cracking, the principal

compression axis was in the range of 25° pointed away from the load
point (Fig. 5.62). No good explaination for the principal axis
inclination after cracking has been obtained. Given the strange
principal direction indicated after cracking the compression strut
stresses must be viewed with caution. There was considerable scatter
but the average principal compression stress was 2900 psi.

The results from Series 2 are much poorer. Only Specimen 2-1
gave any results. The same trend of a large switch in principal
angle direction as noted for Series 1 was again indicated. The gauges

indicate that the principal tensile stress at cracking was around 1000

psi or 9.6 f.. The higher coefficient would be expected since
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the beam had higher prestress than Series 1. The angle of the

principal compression stress at failure was indicated to be about 33°

directed away from the load point. The principal stress was about
5100 psi or just under 0.5JEL. Due to the low level of

confidence in these measurements they will not be discussed further.

5.3.3 Comparison with Model Assumptions. Comparison of

actual behavior with the assumptions used for the various shear
capacity models gives an indication of the appropriateness of each
model. The current test series gives only limited information so far
as the AASHTO/ACI V, term is concerned. Only the web shear equation,
Vo> 1is involved. Furthermore, only two concrete strengths and
prestress forces were tested. Both resﬁlts will be shown in Section
5.3.4.1. The AASHTO/ACI steel contribution assumes a 45° truss and
that the shear reinforcement yields. From the cracking patterns the
first assumption 1is mnot correct, but it is conservative. The
assumption that the stirrups yield is generally a good one even for
beams reinforced well beyond current allowablellimits.

The primary assumptions for the Danish plasticity model were

stirrup yielding and concrete web crushing along with no yielding of
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the longitudinal reinforcement. As previously mnoted, stirrup
yielding is a good assumption. Web crushing occurred principally in
beams with very heavy shear reinforcement. Specimen 3-4 showed web

crushing would occur for lower shear reinforcement values, but only if
proper anchorage of the longitudinal reinforcement was provided. The
assumption of no tension chord yielding was a good one for this
program.

The Swiss plasticity model and the truss model of Ramirez are
very similar and will be discussed together. The primary assumptions
are that both the web and longitudinal reinforcement yield and that
the concrete does not  crush. Yielding of the longitudinal
reinforcement was mnot observed in the shear span. This comes from
the fact that the members are over-reinforced to insure the occurrence
of a shear failure. In an actual member the shear and flexural
reinforcements are designed for the same load so the assumption is not
a problem. Typical failure mechanisms were stirrup fracture and
concrete crushing. Both cases can be modelled with the truss model
but are restricted by supplementary provisions. The case of anchorage
failure is also recognized as a potential problem. The models
indicate that a definite tensile requirement exists at the support.

5.3.4 Comparison of shear design models to test results

5.3.4.1 Introduction. The tests results of this project will

be compared to the numerical predictions of AASHTO/ACI, the truss
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model, and the 1984 Canadian Code General Method. Table 5.1 contains
pertinent member properties for the ten specimens of this program.
5.3.4.2 AASHTO/ACI. The AASHTO/ACI provisions are the most
empirical of the three methods. Table 5.2 contains the test results
and AASHTO/ACI predictions. The concrete contribution could be
compared only for Series 1 and 2. All the initial cracking was web
shear cracking. The AASHTO/ACI equation for V_, was very close in
three tests and conservative in the other three tests. The average
test/predicted wvalue was 1.06. The two primary variables in the
V., equation are concrete strength and level of concrete prestress
at the centroid. Figure 5.63 shows that for the data of this program

no conclusions can drawn for the effect of changes in concrete

strength. Figure 5.64 shows the results plotted against f .

Again, no trends are apparent.

The AASHTO/ACI provisions were generally conservative in
ultimate strength predictions. The lowest value was only 3% below
unity. Plotting the results wversus concrete strength gives no

information (Fig. 5.65). Plotting the results against pvfy does

show interesting behavior (Fig. 5.66). Specimen 1-1 had no shear
reinforcement. The AASHTO/ACI equation becomes less conservative and

in fact very slightly unconservative as pvfy increases. In
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fairness, the AASHTO/ACI maximum V, limit of 8, fib,d would
prohibit wvalues of pvfy above about 800 psi. In Table 5.2 two
values are given for Series 3 predictions. Series 3 is not as simple
as Series 1 and 2 since it has both draped strands and a low-strength
composite deck. The question arises as to what is the correct value
of d. The first column is based on d=.8h as allowed by the Code. The
results are quite good indicating that the assumption is acceptable.
The second column comes from a more refined set of assumptions. First
all strands are used for computation of f,.. The depth used for the
first term of the V, calculations is the distance from the centroid of
the nondraped strands to the top of the pretensioned girder section.
A second term of Vc=2,\[f_c'dbwt, where t 1is the deck thickness
and £/ is the deck concrete strength is calculated and added to
the previous V_, term. Finally for V_,, d is taken as the distance

from the centroid of the nondraped strands to the top of the section.

This second method gives slightly more accurate results with less
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scatter. The improvement in the prediction is not, however,
proportional to the added work.

5.3.4.2 | Canadian Code. The evaluation procedure used in
this section is identical to that described in Section 3.6.3.2. The
results are tabulated in Table 5.3. Only Specimen 1-1 will be
evaluated for cracking strength against Equation 3.72. Specimen 1-1
will be discarded in statistical evaluations.

Specimen 1-1 evaluated by the Canadian Code cracking equation
is quite conservatively predicted. The test/predicted ratio was 1.89
which is very close to the average of 1.85 for tests reported in the
literature.

The remainder of the specimens had some level of shear
reinforcement. Tests plotted against concrete strength show large
scatter and no trends (Fig. 5.67). All the results of the test

program are conservative. Plotting the results versus pvfy gives much

greater insight into behavior (Fig. 5.68). The two specimens of
Series 1 with 1light shear reinforcement were predicted very
conservatively. Specimen 1-2 with the lightest shear reinforcement
had the largest factor of safety. The specimens of Series 2 with
their extremely heavy shear reinforcement were predicted with a
reasonable amount of conservatism. All specimens of Series 3 were
conservatively  predicted. Even the  specimens which had

shear-anchorage failures were acceptable. Specimen 3-4 with its web
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crushing was the most conservative of this series. The data shows

the same trend for increasing pvfy as noted for tests reported in

the literature. The predictions show comparable conservatism between
groups as well. The theory that the high conservatism for specimens
with low  shear is due to 1improper accounting of a concrete
contribution seems to have even more support. More importantly, the
method is conservative for values of shear reinforcement far in excess
of reinforcement values that will be allowed in actual practice.
5.3.4.3 Truss model. The procedures used to evaluate the

specimens with the Ramirez truss model are the same as described in

Section 3.6.4.3. Table 5.4 contains the cracking loads and the
maximum concrete contribution allowed. This comparison is merely a
check to see that the limit placed on V_, is conservative. The

limit is conservative in all cases and very much so for Series 2.
Figure 5.69 shows the results versus concrete strength. Figure 5.70

shows the results against f,.- This figure indicates that the

method does not properly account for the effect of prestress.

Conservatism increases rapidly as f increases.

The main analysis with the truss model is for the ultimate
capacity of girders with stirrups. Table 5.5 contains the results for
beams with stirrups. All of the predicted values are conservative.

The test/predicted values plotted against concrete strength give
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little information (Fig. 5.71). Plotting the results versus

pvfy indicates some very interesting behavior (Fig. 5.72). Specimens

with light shear reinforcement were quite conservative although not
to the extent noted in the 1literature. Specimens 3-3 and 3-4 with
moderate shear reinforcement were conservative but much less so than
the Series 1 beams. All the other specimens became more conservative
as pvfy increased. When computing capacities the reason for this
quickly becomes apparent. For girders with heavy shear reinforcemen5
the Ramirez truss model 1limit on the stress in the compression

diagonals places constraints on a. The higher pvfy is, the higher «

must be to keep f; below 304?:. Table 5.5 indicates that something
is clearly wrong. Specimen 2-1 with pvf&=l610 psi has a computed
capacity of 54.8 kips while Specimens 2-2 and 2-3 with pvf§=2010 psi

have a computed capacity of 52.5 kips. Given two otherwise identical
beams it is unreasonable to expect less capacity out of the one with

more shear reinforcement. At the very least the beams should give the
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same capacity. Again the arbitrary 304 f, 1limit on the

compressive strut stress imposes a severe limit.

Figure 5.73 shows how 304f[ decreases as a
percentage of f! as f! increases. The square root function
increases much more slowly than f.. As a result allowable strut
stresses decrease considerably as a percentage of f! as the strength
increases. Setting the limit on f; as a fixed percentage of fj
may be a more proper course. This idea was wused by Schlaich in
Reference [42]. Table 5.6 contains recomputed truss model predicted
values if f£,<0.5f{. Even with f; as high as 0.5 f{ the results
are all conservative. A look at Figure 5.74 shows the results plotted

against pva' Using £;<.5f; pgives almost constant

conservatism for 9005pvfy§2010 psi. None of the other tests

of this series nor of the tests from the literature would be affected
since the strut stress was below the allowable stress. They did,

however, have relatively low shear reinforcement wvalues. Using the
current f£; < 30 Jfi, pvfy must be greater than 5.36 4,

for any constraints to be placed on the angle .
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5.3.4.5 Comparison of model predictions. A comparison of
model predictions allows judgement as to the relative accuracy of the
various methods for predicting the capacity of the members tested.
Cracking and ultimate are two load stages at which model comparisons
are of interest. The statistical analysis of this section is
identical to that in Section 3.6.5. Also as in Section 3.6.5 cracking
load predictions based on the Canadian Code will be omitted since they
are not part of actual capacity predicting procedures.

Table 5.7 contains the results of the statistical analysis.
The upper and lower limits are quite wide for all of the methods
(Fig.5.75). This is largely a function of the fact that only a few
data points were used. The AASHTO/ACI equations seem quite acceptable
for this data. The lower confidence limits are below one but the
range is fairly small both at cracking and at ultimate. The Canadian
Code General Method did quite poorly. More important than the actual
confidence limits - themselves 1is the extreme relative width. At
cracking the truss model did rather poorly. The lower limit is
unconservative while the upper limit is quite high. At wultimate the
truss model did relatively well. The lower confidence limit was
greater than one and the range was mnot too bad. In general, the
AASHTO/ACTI method was the best for this experimental series. The
average value was close to one and the method had the smallest

scatter.
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One other comparison of interest in the truss model is the

effect on the predictions due to a change in the £, limit from

E4<304EL to £4<0.5f£!. TUse of £,<0.5f! gives an average prediction
ratio that is substantially improved. The scatter increases slightly.

The question arises over how a set of empirical equations can
give more accurate results than supposedly rational and physically
based models. The AASHTO/ACI equations were originally derived and
calibrated to existing test data. Given a reasonably complete set of
primary  variables including concrete strength, longitudinal
reinforcement, shear reinforcement, prestress force, and shear
span-to-depth ratio, fairly accurate results could be expected. In
high strength concrete, concrete strength is the only wvariable which
has changed. More importantly the relationship between compressive
strength and tensile strength stays about the same for high strength
concrete, Given this it 1is mnot extraordinary that the current
AASHTO/ACI equations give good results.

The question then is why do the Canadian Code General Method
and truss model do poorly? For this discussion £,<0.5f; will
be used. Figures 3.38, 3.43, 3.46, 5.66, 5.68, and 5.72 show an

interesting trend. There is extreme conservatism for low pvfy
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decreasing to mear unity for higher pvf&. If Specimens 1-2 and 1-3

from the current test series are omitted, the average test/predicted
ratio for the Canadian model would be 1.32 with a standard deviation
of 0.10. If the same were done with the truss model, the average
would be 1.22 with a standard deviation of 0.15. Improvements in
average performance would be noted in tests reported in the literature

as well if tests with very low pva were excluded. As a practical
matter, however, most beams are at the low end of the pvfy scale.

This means that both the Canadian Code and the truss model have a
serious practical weakness. They do mnot properly account for

concrete’s contribution to shear capacity for low wvalues of pvf§.
At higher values of pva the wvariable angle truss models can give

an accurate prediction of shear capacity. Very interestingly,
concrete strength 1is not the principal variable as witnessed by the
lack of trends evident when strength vratios were plotted versus
concrete strength.

The Canadian Code General Method does not currently have any
avenue through which to improve 1its performance at low wvalues of

pvgﬂ This is a very serious practical weakness to the whole
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method. The truss model on the other hand has the framework in place
to handle this difficulty. Increasing the allowable V, to more
realistic wvalues and possibly extending the transition zone would
allow this model to give very good results. From Tables 3.9 and 3.10
it can be seen that the current maximum contribution allowed by the
truss model gave average values of 1.67 and 2.38 for reinforced and
prestressed beams respectively. Improving these predictions would
likely improve predictions at low pvfy enough to make the truss

model a viable, practical model.



CHAPTER 6
SUMMARY AND CONCLUSIONS

6.1 Summary of Results

6.1.1 Experimental program. The experimental portion of this

project consisted of ten pretensioned high strength concrete girders.
The girders were built with widely wvarying levels of shear
reinforcement. This allowed behavioral observations to be made on
members with very low, medium, and very high shear reinforcement
levels. By varying shear reinforcement and support locations three
separate failure modes were observed.

A number of observations and measurements were made during
testing. Determination of the cracking load was of particular
importance since current American practice assumes this 1is the
concrete’s contribution to shear capacity. Load-deflection behavior
for the beams was observed as wéll. A number of internal strain
measurements were taken. The strain readings gave an indication of
internal behavior and thereby were of wuse comparing shear model
assumptions and actual behavior. Additionally, observations were made
on crack angles and crack widths. This gave information on how the
concrete was working under load. Comparing various tests indicated
behavioral changes that occurred as the shear reinforcement and

support locations changed.
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6.1.2 Model comparisons. A number of shear capacity

models were evaluated. The evaluations consisted of a description of
underlying assumptions and a comparison of these assumptions to
observations made during the experimental portion of this program.
The models evaluated ranged from highly empirical, such as current
AASHTO/ACT methods, to highly theoretical, like the plasticity models.

A comparison was also made between the model capacity
predictions and actual capacity obtained from tests. The shear tests
on high strength concrete reported in American literature and the
results of the current test program were used for this comparison.
Both reinforced and prestressed results were analyzed to determine if
major differences in conservatism of model predictions were occurring
for high strength concrete. The last step was to compare the relative

accuracy of the various models.

6.2 Conclusiong
Evaluation of the experimental portion of this program gives
rise to the following conclusions:

1. Stirrups generally reach yield even when the beam has

shear reinforcement values on the order of 19.3Jf’.

2. Stirrups see very small strains until after shear
cracking.
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can be drawn:

1.
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Crack widths are highly dependent upon the quantity of
shear reinforcement.

Number and extent of cracks are dependent upon level of
shear reinforcement.

Bottom rows of strands show little or no slip until
shortly before shear-anchorage failures. Middle rows of
strands show slow gradual slip throughout loading.

Two types of crushing failures can occur. They are
crushing of individual struts for moderate levels of
shear reinforcement or a compression field crushing for
very heavy shear reinforcement.

Shear-anchorage failures are the primary mode of failure
of prestressed beams without support overhangs.

Prestressing strands did not reach yield within the
shear span for any of the tests.

model comparisons the following additional conclusions

AASHTO/ACI, the 1984 Canadian Code General Method, and
the truss model all give generally conservative
predictions of high strength concrete’s shear capacity.
This includes high strength concrete tests reported in
the literature and those conducted by this project. This
indicates that the methods are acceptable for concrete
strengths to at least 12000 psi.

AASHTO/ACI gives the most accurate results with the
least scatter of the three methods.

AASHTO/ACI becomes slightly unconservative in the range
of V_=19.3f7.

There are mno strong trends apparent in the conservatism
of the three methods related to increases in concrete
strength.
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Both the 1984 Canadian Code General Method and the truss
model show decreasing conservatism as pvfy increases.

The Canadian Code General Method is very conservative at
low pvf& values. For reinforced beams this is

pvffg 100 psi and for prestressed beams pvf;g350 psi.

The truss model is very conservative for prestressed
beams with pvfy less than 350 psi.

The Canadian Code General Method and the truss model are
conservative for tests with high pvf§ values.

The truss model, with the current limit on f;, is unable
to properly predict capacities for high strength concrete
beams with very heavy shear reinforcement.

Based on this study the truss model allowable stress in
the compression diagonals could conservatively be raised
to 0.5 f!.



APPENDIX A

This Appendix contains information about the high strength
concrete used throughout this project. Table A.1 gives material
properties for the various concrete constituents. Table A.2 contains
the batch weights and some physical properties for the concrete. It
should be noted that the quantities of water reducing and.retarding
agents and high range water reducers wused were dependent upon the

temperature on the day of cast.
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MIX CONSTITUENTS
Cement

Fly ash

Coarse aggregate

Fine aggregate

Water reducing and
retarding admixture
(Gifford-Hill - R-Plus)

High range water
reducing admixture
(Gifford-Hill - PSI-Super)

TABLE A.1
PROPERTIES

ASTM C150 Type

I

ASTM C618 Class C

TSDH&PT Type B
BSG = 2.64

Crushed limestone

ASTM C33 No. 8, 3/8-in. to #8

DRUW = 100 pef
BSG 4 = 2.79
AC__4 = 0.5%

Natural river sand

BSG, 4 = 2.62
AC,, = 1.0%

ssd

ASTM C494 Type D

Polymer-based

S. G. =1.24

% solids = 42%

Dosage rates:
2-4 oz./cwt

ASTM C494 Type F
Naphthalene-based

S. G. =1.21
Dosage rates:

6-16 oz./cwt
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TABLE A.2

Design strength @ 28 days
MIX DESIGN

Cement

Fly ash

Coarse aggregate

Fine aggregate

Water

Water reducing and
retarding admixture

High-range water
reducing admixture

MIX PROPERTIES

Slump

Unit weight
Water/cementitious material ratio

Cemetitious materials
(sacks/ cu. yard)

Alir content

Percent fly ash replacement

Percent DRUW

12000 psi
lbs/cubic yard

698

298

1821
1039

249
20-40 oz

60-160 oz

1 in. at batch plant
prior to addition of HRWR
10 in. at laboratory after
second HRWR dose

150 pef
0.25

10.5

1.3%
30%

67%
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APPENDIX B

Development refers to the general topic of the transfer of
force between the steel and the concrete in reinforced and prestressed
concrete. The term development length refers to the distance required
for the force transfer. Knowledge of the development characteristics
of the reinforcement used is important since it indicates the location
that the full capacity of the reinforcement can be counted on. If the
full capacity is not be available, knowledge of the percentage that
can be obtained is important. The development length of prestressing
strands is the area of current interest. Only pretensioned members
will be discussed herein. The development of prestressing strands
consists of two distinect mechanisms. The first is termed transfer and
the second is flexural bond.

The discussion will begin with a coverage of the two
development mechanisms followed by factors that affect them. The
current equations for development will be covered. Then a comparison
of model and prototype development lengths will be made.

The first development phase is transfer. Transfer occurs
when the prestresssing strands are released from the supports which
held them during casting. Since the prestressing strands are
tensioned they try to contract to their original length. The concrete
resists this contraction and forces are transferred between the
strands and the conerete until equilibrium is achieved. The
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equilibrium condition in the strand is one of zero stress at the
exterior of the concrete increasing to the effective prestress force
at the end of the transfer length. Friction between the concrete and
the steel is generally attributed the greatest importance in transfer
[B3, B8, B9, Bl2]. When a prestressing strand is originally tensioned
the cross-sectional area decreases slightly. Upon release the strand
tries to shorten. As it does so, the diameter of the strand
increases. This is called the Hoyer effect. [Bl2]. The increase in
cross-section causes a radial pressure to develop against the
hardened concrete. A high friction force is present as the strand
tries to move into the concrete due to this radial pressure. This
friction is enough to prevent further slip of the strand into the
concrete and thereby provide transfer.

The second development phase is flexural bond. Flexural bond
mechanisms are activated after cracking when steel stresses in excess
of the effective prestress stress are required for equilibrium. This
added stress must be transferred to the concrete. The mechanisms of
flexural bond must be different than those of transfer since the
strand constricts as it elongates [B8, B9]. Two mechanisms are
thought to be at work in flexural bond. The first is adhesion between
the concrete and the steel. This comes from concrete filling the
irregularities in the steel surface. This is generally felt to be of

fairly minor importance. The second mechanism of flexural bond is
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mechanical resistance. The helical shape provides a nonuniform cross-
section that allows for mechanical resistance. This mechanical
resistance is, however, fairly low since the strand is able to twist
in the groove formed by the strand in the concrete. The mechanisms of
flexural bond are not nearly as effective as those of transfer.

A number of factors have been found to affect the mechanisms
described above and thereby the development length. The most
important parameter 1is the force to be transferred. The larger the
force in the strand, the larger the force to be transferred. The size
of the strand also effects the development length. The larger the
strand, the greater surface area there is for transfer. The surface
condition of the strand can have an effect on development. Research
has shown behavior goes from good to bad for rusted, clear, and oiled
strands. [B7, B8, B9]. The literature has attributed only a small
influence to concrete strength. However, recent tests by Castrodale
seem to contradict this [B6, B10]. The method of release whether
sudden or gradual can have a influence on transfer length. The sudden
release such as by flame cutting can considerably increase development
length. [B5, B10, Bll]. Proper consolidation has been found to be an
important  practical method of obtaining good development
characteristics [B4, B53]. Finally the amount of cover has been found

to effect performance.
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The ACI Code has several provisions dealing with the

development length of prestressing strands. It calls for a
development length of: 1d=(f§s'(2/3)fsey%: beyond the critical section

where f, and £ are in kips per square inch and 1; and d, are inches.

The added provision is given that if strands are debonded and there is
tension in the concrete the length computed needs to be doubled. 1In
the section on shear ACI calls for a development length of 50 d,. For
computations of the concrete’s contribution to shear, the prestress
can be assumed to vary linearly from zero at the end of the member to
full prestress at the end of the transfer length.

The equation given for development Ilength is a condensed

form of the following:
L= (£so/3 * (fps - fao) * &

This shows more clearly the two phases of development discussed
previously (Fig. B-1). The first term represents the transfer length.
The second represents the length required for flexural bond. Each
phase of development is shown to be a function of a change in stress
times the strand diameter. These factors indicate the force to be
transferred and the surface area over which this transfer takes place
are the most important factors, It can be seen that transfer is

three times as effective as flexural bond. In this form it is also
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possible to see the origin of 50 diameters as used in the shear
provisions. When the original tests were conducted 250-ksi strands
were common as opposed to the current use of 270-ksi strands. In both

cases, given an initial prestress of .7 fbu and 20% losses,

transfer becomes 47 and 51 strand diameters respectively [Al3].

One major question is how 3/8" diameter strands in a 1/3
scale model test compare to 1/2" diameter strands in a prototype
specimen. Table B-1 shows a comparison. It can be seen that the
development is poorly modelled. It can be easily computed that the
3/8" strands would give a prototype development length 2.25 times as
long as the 1/2" strands.

While development in the prototype can be seen to be
comparatively better the possible failure mechanisms remain the same.
Thus there is a strong possibility that debonding of strand will occur

in the prototype as well as the model.
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Table 2.1 Moist and air dry cured strengths at 28 days and later
MIX] WOIST AIR DRIED
2B DAY{ DAY STRENGTH| (23/{1) |DAY | STRENGTH| {(3}/(1} [DAY | STRENGTH] (4)/(1)
{1} (2) {3) (4)
07 9800; 28 3490 97 56 9320 - ]
16 9870] 28 10230 L.0&] 36 10450 .06
i 9480 26 9380 1.0t} 54 9340 .05
12 94101 28 8940 L93] 54 9500 .03
13 86701 28 3100 1.058) 56 16000 113
14 9873 28 10310 1.04f 56 11190 .13} 91 11380 1,15
15 1 10470] 28 10930 1.03] 36 11240 1.07) 91 11500 10
16 | 10620] 28 9920 93
17 83001 28 9270 .04 56 10140 .14 9 10820 .22
i8 | 10380 28 10730 1. 04
28 | 124207 o8 12000 L9744 13020 .03
£9 1 10eR0; 28 10730 .01} 55 10780 1.01
36} 111207 28 10860 g
311 13010) 28 10340 .B1] &8 10800 83

11
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Table 2.2 Moist and dry cured beam strengths at 7 and 28 days
WIX 7 DAY 28 DRY
CYLINDERS BERKS CYLIWDERS BERMS
HOIST MDIST J(2)/9(1)}] AIR DRYI(3)/9{1}] HDIST MDIST [(5)/J{4)}| RIR DRYI(B)/J(4)
hH {2) (3) {4) {5 {6}
01 9200 i2e9 12.8 11190
02 9170 1059 1.1 11000
03 8730 1094 11.7 9920
04 9730 1029 10. 4 11060
03 9150 974 10.2 10440
0b 8930 1098 1.6 10850
07 8470 932 10.3 531 5.8 9800 1092 ii.0 A8 6.9
08A 93R0 1212 i2.5 10610
(BB 9420 1233 12.7 10630
09 9210 1135 1.8 10140
10 8770 1271 1.6 720 7.7 9870 1323 i3.3 783 7.9
il 7730 1100 2.3 710 8.1 9480 1260 12.9 770 7.9
i2 7310 1160 13.6 760 8.2 9410 1430 14.7 730 7.7
13 7660 1020 11.7 380 6.6 8670 1300 i4.0 680 7.3
14 9710 1140 11.6 350 5.6 9870 1390 14,0 730 7.3
i3 10040 1320 13.2 aio 8.1 10470 1430 14,0 920 9.0
16 BR40 1010 10.9 a70 .1 10615 1300 12.6 800 7.8
17 7930 930 0.4 9570 1083 ild
18 9210 870 %1 11030 1190 1.3
19 9200 1270 13.2 10930 1280 iz2.2
20 9810 1200 ig. i 11620 1590 14.8
AVERAGE 11.8 7.0 AVERAGE i3.3 7.9
87. DEV. 1.2 1.0 5T. DEV. i.4 .7
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Table 2.4

Maximum compressive strength for each mix

BATCH COAREE AGE  |COMPRESSIVE STREWATH
AGGREBATE}  (DAYS) {psi)

01 A 36 11750
02 fA 36 12140
03 f a6 10410
04 A 36 11830
05 A 36 11280
06 A 36 11650
07 A 36 10210
08A A a6 {1260
08B A 36 11360
09 A 36 10870
10 a 91 11350
i1 ] 91 11630
i2 A 94 10980
13 f 9i 11650
i4 A 94 12330
13 A 51 12360
16 A 92 12330
17 B 92 10750
16 B 92 11480
19 f 50 12440
20 £ 90 14310
2l b 9% 16110

19
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Fig. 3.2
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Fig. 3.3 Model used in derivation of Eq. ( 3.8) [Ref. 6].
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Fig. 3.7 Camparison of rigid-plastic model to high strength
concrete stress-strain curve.
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Stress A

>
Strain

Fig. 3.9 Rigid-plastic model for steel.



Fig. 3.10 Assumed failure

mechanism for Danish model [Ref.
32].
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Fig. 3.13
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Assumed failure mechanism for the Swiss model [Ref. 46].
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Table 3.1  AASHTO/ACI prediction for reinforced beams without stirrups

SPECIHEN] SOURCE fie a/d pv TEST ACI {13782 ALl {13703}
{REF. ] {psi) (H) 1EB. {3.5) Ed. {3.3)
: {H) (K
{1 {2 {3}

Al i 8820 ) L0353 i3 7.31 .73 8. 12 1,60
Az i BB20 3 L0353 14 7.3 1.86 B. 43 .66
A3 i 8820 2.7 0393 14 7,51 1.86 8.59 1.63
A4 i ABZ0 2.3 .0333 43 - 7.51 .30 8.83 L.62
Ag i 8820 21 .0333 17 7.3l 2.26 %1 1.87
A7 i BR20 0177 8.5 7.659 L1 776 110
A i 8820 3 .oi7 ER 7.6 i.24 7.51 1.2l
A3 i 8620 2.7 W07 1 7.69 1,43 7.98 i.368
Aig i 8620 2.3 L0177 ii 7.69 143 8.1 1,36
all i BE2 gl L0177 ig 7,63 156 B.21 i.46
Bl i 5720 41 . 05304 1.3 7.83 1.47 B.68 1.32
B2 1 9720 3p  J0504] 1275 7.83 1.63 8.1 1,40
B3 i 9720 2.71 0504 i4 7.83 .79 9.29 1.5l
B4 i 372l 2.3] 0504 i4 7.83 1.79 .61 1. 40
B3 1 a7t 2 L0504 i7.3 7.83 2.23 9.54 1.76
B7 1 9720 41 0255 ig 8.07 1.4 8.24 121
Bd 1 9720 31 .0PES 10.3 8.07 .30 8. 44 i.ch
B9 1 9720 R ) 10.3 8.07 1.30 8.5 1.23
Bi0 i g720 2.3 L0285 1.3 8. 07 1,55 8.67 1. 44
Bii i 9720 21 0B35S 4 8.7 I.73 8.62 1.59
i i 9330 41,06k i2 i L7 .16 1. 47
oo i 9330 31 .0obéd il 7 i.87 8.66 L.27
C3 i 9330 2,77 (664 9 7 1.25 8.88 .01
C4 1 5330 2.31  .0Gb4 12,3 7 1,79 9.27 1353
] i 9330 21 .0bG4 13 7 2. 14 9,66 1.53
L7 i 9330 ) 0326 8 7.83 .02 8,23 <97
i i 9330 3 0386 14 7.83 .27 8.36 1.17
L3 i 9330 271 L0326 10 7,83 127 B.69 113
Cio i 5330 2.3] L0326 9,25 7.85 i.18 8.9 .04
Lil i §33g 2l 0326 14,3 7.83 1.83 4.1z 1.59




Table 3.1

(cont.)

SRECIHEN! fig a/d pv ACI {1/ {13
iE {psi} Bl {3.8)

{1

(2}
A0-7-3a 460 3.6 L0336 10, 42 L &4 i.30
[0~7-3b 6040 3.6) L0336 1,96 1.8 1,16
Ao-11-da 10B70 b L0336 14,7 1,02 236
fA0~11-3k 10820 3.6 L0336 1467 Loz .96
AG-15-3a 11860 o} 033 8.3 1,24 1. 17
Ad-15-3b 13590 6] L0336 6. 44 1.37 1.30
AO-15-30 13300 3.6l L0336 16.27 1,32 L.gh
Ad-7-2 6330 2.3 0336 il.41 1.58 1.36
Ab-11-2 11500 23] L0336 1512 1. 32 1.20
A0-15-Fa 12150 23] .0336 13,54 1.54 1. 40
AO-15-2h 10060 e} L0336 14.14 .27 1. 14
Fi 300 4 012 14,33 .30 .91
Fe 9500 & 023 14.31 1.03 1.00
F3 10049 2 018 14.7 121 1,18
F4 10060 2 025 14.66 174 1.57
Fa goa0 b 012 141 .68 .70
Fb 9200 6 023 14,09 <96 .93
ré 8800 4 .01 ii.2 30 L3
F9 11600 & 016 13,84 .88 B89
Fio 9500 4 . U33 13.96 .21 1. 14
Fid 3800 4 012 1.2 .96 .96
Fi4 5800 4 23 1,17 i.28 .2l
Fi3 11300 4 023 15.6 .96 .93
AVE 141 1.87
57D DEV «3b 25
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Fig. 3.17 High strength test results plotted in form used to derive
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Table 3.2  AASHTO/ACI predictions for reinforced beams with stirrups

SPECIMEN) SOURCE fic al/d pvfy TERTY ¥ otot {1)7(23] ¥ fot {13/(3)
{REF.) {ps1} ) JER. (3.6 BB (3.3

{1} {K) (k)

{2} {3
B30-7-3 a3 3780 debr a0 2l 1424 .48 13,35 1.37
BR0-11-31 03 8RB0 3.6 30 2c 18.65 1.32 17.64 1L.E3
B30-13-31 03 12030 3.5 a0 25 i8.99 i, 3¢ 19,86 1.26
Bi0G-7-3} 03 6830 3.6 100 2.1 167 .45 13,76 1.37
Bi10O-11-3] 03 9950 3.6 100 34 1 2l.il 162 2. 06 1,53
BIOO-15-3] 03 11880 3B 100 26 28, 42 i.1e 23,85 112
BI&0-7-31 03 6730 3.6 130 30 £d. 16 1.33 23,28 1.29
BIS0-11-3] 03 10080 3.6 130 36. 3 24,73 147 2o b7 1,41
BI30-13-3] 03 12000 3.6 150 337 2. 02 1,30 £6. 89 1.23
G3 3 3100 4 140 26. 4 24, 14 1,09 ok 593 1.06
G4 32 9100 4 34 33.1 20,65 1.60 21,45 194
) 32 3800 4 41 2545 18.35 .35 18,55 1. 34
AVE .38} AV .32
57D DEV .15} ETD DEV .14
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Table 3.3 AASHTO/ACI predictions for prestressed beams without

stirrups
SPECIMEN} SOURCEY f'e a/d TEST | GEWERAL! (D)/(2)] Vel | (11743} Vow | {1/(H)
{REF.) {K) {K) (K) {K)
(1 {2) {3) {4)
Cidl 32 11100 &9 3Ll 8.8 353 24, 32 .28
Chz2 32 11100} &.75 £ 7.2 3.83 24,27 113
CW3 32 11100 N E.1 4.33 24,12 1,09
Cit4 32 11400  3.731  2h.6 7.3 3.92 £4. 63 1.6
Ca 3 13008 75 209 7.2 3.808 24,42 114
ChE 3z 113000 a4.73] 25.c 7.2 3,30 21 1.20
L7 32 112507  3.73] £3.8 1.2 3. 31 2.7 113
£ 2 BOOG}  3.73] 0.2 B 7 3.01 18,05 L1
CW3 32 BAS01 375 2T 7 3.c4 19,55 L.ig
CHi0 22 10600}  3.73] 244 7.2 3,39 £0. 3 1,20
CWil 32 g1o 3. 750 2L9 6.3 3. 12 8.8 L. 14
Cwiz 32 38007 A.75)  i%d .7 2. 87 i7.4 .19
CWi3 a2 10800} 3.730  2Lb e 3.83 4 113
CHis 32 107001 3,750 E7.8 7.2 3.86 242 1.13
CWis 32 10200) 375 £5.6 7.1 3.18 19.9 i.14
£Wig 32 108001  3.73] 2.5 [ 3.82 24, 1 1. 14
Cyi7 42 101000 373 eni 7.1 3.90 23.9 i.16
Ll 3 11100 7.8] 175 7.1 2460 15,91 1.10
Cig 3 11160 2.8 26 7.1 3.6 20.79 1nE3
Li3 32 11100 4 2.2 7.1 3.83 2332 .17
CI4 3 11400 J3.80 244 7.2 3,39 2L07 .16
LIS 32 11300 o.8] 269 7.1 3.73]  20.89 1.29
LI6 32 11300 o.8 20 7.1 2.82] 16.B2 1,19
£17 32 11250 o.8] 183 71 2.58] 16,49 Lt
£ig 32 6000 3.8 132 3.6 343 155 1.24
£1g 32 B8a50 S.8] 196 Be3 311y 1606 l.22
LI 3z 10600 g.8; 18.8 &.9 2.72 6.3 113
£1il 32 8100 6 i8 & 3.00 15. 3 1,16
Clie a2 3800 &48] 186 26 3. 32 14,9 1.25
Cii3 32 10500 2.8 18 6.9 .61 a7 87
Cli4 32 10700 3.8 248 7 3.46 21 115
Clig 3 10200 .80 1.6 .8 239 16 1,10
Clik 3 10600 J.8F 6.3 8.9 3.81 26,3 L.gb
£z 32 10100 G.8] 233 6.8 375 20.7 .23
AvE 3381 RVE i1 AVE 1.1
57D DEV 47} 510 DEV .10} 57D DEV .04
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Table 3.4 AASHTO/ACI  predictions for prestressed beams with

stirrups

GPECIMEN] SOURCE fic ald d pvfy | TEST | VegiVs 1 (13/7{2)] VedVs | (11/(3)

{REF. ) {in) {psil {K} {K} {K)

{1} (2} (3}
CWid 32 10600 4,75 14.4 346 33,000 17.16 227 297 1.31
CHil 3 Bio0;  4.73 144 3460 35,200 16.86 2.3 £8.2 1,23
Chig 3 B0l 3,751 1445 3467 3L.60) 1670 1.83 o6, 8 i.18
CHi3 a2 165001 3.7581 14,47 J&6r 41,000 17.21 2.38 33.4 1.23
Eli4 ac 107001 3.75) 1446 4931 42,200  2L.52 1,9 37.7 1. 12
EWis ag 102000 3,75 i4. 4 3467 33.80)  17.06 i.98 29.3 113
Clig ad 106001  3.73) 14.47 346) 42,000 17,21 2. 44 33,3 1.5
CWi7 3 101000 3.75] 1447 1350 32.00)  iL.01 291 28.2 1.13
CIi0 ac 10600 3.8 il.2 c83)  31.80) 6.6l 1,91 2hc 1.31
CIil aZ 8100 G.8 1.2 263 28.80] 1571 .82 23.4 f.22
£iig 32 5800 3.8 1.2 £agr 27507 1531 1. 80 228 f.el
LIi3 2 10500 5.8 il.2 £89)  34.800 1661 2. 10 £B.6 l.eg
Cii4 3 10700 5.8 il.2 4621 37,00 28,58 1.64 3.7 1. 10
CIiG 3 10200 3.8 1.2 F891  27.200 16,51 1,65 23.9 i.14
Clig 32 10600 5.8 11.2 £831  36.70] 6.8l 221 £8.8 1.27
£I7 a2 10146 5.8 ii.z2 2 29.100 10,56 2.73 24,3 120
AVE 2111 AVE 1. 16
5TD DEV .3ai 510 DEV . Uf
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Table 3.5 Canadian Code predictions for reinforced beams
stirrups
SPECIMEN] SOURCE fip a/d d TEST | CANADIAN] (13/(2)
{(REF.} {psi) {in} {K)
{1}

i i BBEG 4 8. 00 i3 3.05 144
az i BBZG 3 8. 00 14 9,05 1.55
A3 i 8820 2.7 B.ao 14 9.05 1.55
f4 i 8820 2.3 8,00 14,3 9.03 1,581
A5 i 8820 2 8.0 i7 9.058 1.88})
A7 i 8820 4 8.19 8.3 9.26 g2
AB i 8820 3 8.19 3.5 9. 26 1.03
A9 i 8820 2.7 8.19 i1 5.5 i.13
A0 i 8820 2.3 8.19 1i 9.26 1.19
fAii i 8820 Z 8.19 12 9.2 1.30
Bi i 5720 4 7.94 i1.3 %43 i.2e
B2 i 9780 3 7. 94 12.75 9,43 1,35
B3 i 9720 2.7 7.9 i4 .43 1.49
B4 i 9720 2.3 7.94 14 9,43 1. 45
BS i 9720 z 7.94 i7.5 9,43 1.85
B7 i g7e0 4 8.19 i0 9,72 1.03
E8 i 9720 3 8.19 10.5 .72 1.08
B9 i 9720 2.7 8.19 10.5 9.72 1.08
RIi0 i 9780 2.3 8.19 12,5 9,72 1.29
Bii i 9780 2 8. 13 i4 9.72 1.44
Ci 1 9330 4 7.25 12 8.43 1.42
Le i 9330 3 7.85 ii B.43 1. 30
C3 i 9330 2.7 7.85 g B. 43 1.07
L4 i 9330 2.3 7.25 2.5 8.43 1.48
{5 1 9330 2 7,25 i5 B.43 1.78
C7 i 9330 4 B.13 8 9, 46 .85
Ca i 9330 3 8,13 10 9. 46 1.0
£ i 9330 2.7 8.13 i 946 1.0R
Cig i 9330 2.3 8.3 3,25 9. 46 .38
Cii i 9330 2 8.13 14.5 .40 1.33

96
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Table 3.5 (cont.)

BPECIMEN! SOURCE fie a/d d TEST | CANRDIAW] (13/42)

{REF.) {psi) {in) (K

{1
A0-7-3a 03 3460 3.6) 1175 i3 10,46 1.43
A0~7-30 03 £040 %61 1173 14 11,400 1.287
AQ-11-3a 03 10870 36l iL7S 15 14,75 .02
AO-11-3hb 03 10820 3.6] 1i.73 i3 14,78 1.02
A0-15-3a 03 11800 36! 1173 19 15,37 i.24
A0~15-3b 03 13530 6] .73 20,5 16.50 1.36
A0-15-3c 03 13320 L&l 14,75 213 16,33 1.32
AO-7-2 03 £550 280 1173 i8 11,45 1.57
AO-11-2 03 11500 2.5 1L73 20 15,17 1,38
f0-15-2a 03 12150 2.3 1175 24 15,60 1. 54
f0-15-2b 03 10080 &5 1L.73 18 14,19 1.27
Fi 3 9500 4 10.625 2.9 12,47 1,03
F2 32 9500 4] 10,5625 14,75 12, 40 1.19
F3 32 10000 gl 10.625 i7.85 12.80 1.40
F4 32 10000 21 10,5685 255 1278 2.00
FS 32 9200 & 10,625 9.63 1287 .79
F& 32 9200 6] 10,3623 13.5 18,20 L1l
F& 32 5800 41 10,723 10,03 9.83 1.02
F9 32 11600 41 10,5625 i4 13.70 1.08
Fid a2 9500 4 10.5 16,83 12,32 1.37
F13 32 3800 4] 10,825 07 9. 74 110
Fi4 32 5800 4] 10,5625 14,25 5.63 1.47
Fi3 32 11300 41 10.3625 14,9 13,52 1,10
AVE .29
BT DEV 26
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Table 3.6 Canadian Code prediction for cracking load in prestressed
beams
SPECIMEN] SOURCE fic a/d g IPREBTHEES} foo TEET Vor ) {31748
{Ref.) {in} FORCE {ksi} {#l {1
{K) {1 {2
Cii T 11100 2.9 14,4 136.4 1,620 31101 14.98 2. 08
Chiz 32 1iig 3.75 144 135.6 A1V 28001 1494 1.47
CH3 32 11100 3 i4.4 1341 1607 2B.40] 14,88 1.77
Chig 32 11400 3.75 14,2 138 1.B641 28,6001 149 L3
CHS i 11300 3. 73 14,9 136.2 .68 27.301 1357 .79
CHe a2 11300 3. 75 14,4 108.3 .28t 23200 1335 i.86
CH7 32 11230 3. 75 14.5 99.8 1.19] 23800 14351 1,76
CiB 3z £000 3.75 14,4 101.5 .2l 2024 1106 1.83
CH3 3 gas0 3. 75 14,4}~ 100.5 1,80} 22701 1245 i.82
Cio 3¢ 10600 370 14,4 98.8 181 24400 131 1.86
Chil 3z 8100 3.73 14,4 9. & 1,18 21.50} 1.9 1.80
CWiz = 3800 S 10 14.4 96. 8 L1810 15200 10,73 .75
CH1Z 3 10500 3. 73 144 135.8 1,621 Z7.60 1470 i.88
CWi4 32 10700 73 14,4 137.2 i.631  Z7.800  14.B4 1.87
CHIiS 32 10800 3. 73 14,5 97.3 i.16} B.e0) 1297 i.74
LWig 3 10600 375 i4.9 136. 4 .62l 27,5900 15.28 i. 80
CWi7 a2 10100 3.75 14.4 136.7 LB31 2770 1456 1.50
L1l at 11100 7.8 9.9 136 1,491 17.500 1497 .17
Lig 32 11100 4.8 9.3 135.4 1.49] 26001 149 1.74
Ci3 3 11100 & 2.5 1343 i.481 27,201 1490 1,83
Ci4 3 11400 S8 %6 137.2 L3l B4401  14.69 1.66
Cia 32 11300 5.8 10.5 135.9 1.49) 26,301 15,96 1.65
L6 3¢ 11300 3.8 3.9 102.3 12t 20,000 1453 1,47
£17 3 11250 3.8 9.9 9%.6 L0911 18307 1343 i.36
Cig 32 £000 5.8 9.9 .6 ii2h 1920 107 1.73
Cis 32 BAEG 5.8 9.9 100, 4 L 19,607  12.47 L.57
LIio 32 10600 3.8 5.9 38,5 1.09] 18,807 1316 143
LI 3 Biod S8 3.9 96. 8 L06] 16001 1136 150
Ciiz e 5800 a8 5.9 g7.2 .07} 186001 10.77 .73
Lli3 3 10500 5.8 9.9 135. 4 .49 1B.00)  14.89 1L.23
Cli4 a2 14700 5.8 9.9 137.8 L5l 24.20] 1487 163
LIi5 32 10200 5.8 5.9 97.4 1.07)  17.60) 1292 1.36
LIig 32 10600 4.8 0.5 136.8 i.300 26,301 i5.68 1,68
CIi7 3 10106 3.8 9.9 136.5 1,301 B5.50) 14,55 175
AVE 1.7
87D DEV L0
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Table 3.8 Canadian Code prediction for prestressed beams with
stirrups

SPECIMEN, SOURCE | f'c | a/d | dv | pefy | TEST 8 R R

(REF. ) ST - I TV ) (k)

() @)

oho | e ooy 73 1.0l mel  mmol  2m3l el Ler

oHi | 3 Sel Emloazol e el S 18R rlas |

ohe | 3@ et T N1 BTN B R T B+

CH3 | 3 e I S ok 1 ST B~ % B B+
T EOvhod I 1 S 7 =1 - - Iof B
His | 3 2000 &7 1.0l el 3mel z3el  c06l  1Ed
CNIE | 32 10600} 373 i34} 6| 420] 833 sl 1o
T vt IR ) B N ) 0 | T -6
Clio | 32 600} 5.8 8.9) el 3iel 2e2l a3l 1es
i |3 sty 5.8 8.9 B3l Eael  zia| 175 13
e | 3@ PO S | - B - S T
CIi3 2 001 5.8 8.9)  2e3| 3Bl o5  igel 1
Cli4 | 3 oy 5.8 B9 sl mol &l a1
Cls | 3@ 10001 5.8 B.9)  eesl  Eal  gpsl ig7]  p4s
Ciie | 32 10800} 58 9.4l el w7l szl alol  ie
iz | @ oo} 580 a9 1) #2174 o5l 3
AVE 1.0
ST IEV, .46
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Table 3.9 Truss model predictions for reinforced beams without

stirrups
SPECIMEN] SOURCE fio a/d z TEET TRUBS (1)7{2}
{REF.} {psi) {in (K} (K}
(i} {£}

fi i 8820 4 b 74 13 B. 33 2. 05
A 1 BA2D 3 B. 74 14 b, 33 &, 21
A3 1 BAZO 2.7 6. 74 i4 6. 33 2.21
A4 i B8e0 .3 £.74 14,3 b 33 2. 26
fis i 8820 2 b. 74 i7 b. 33 2.6
#7 i 8820 4 7.17 8.3 6. 73 1.26
a8 1 BAEG 3 7.17 3.5 £.73 1.41
A3 i BAZ0 2.7 717 i1 B.73 1.63
Aig i 880 2.3 117 i1 8,73 163
All i A820 z 7.17 12 B, 73 1.78
Bi i 9720 4 B. 49 11,5 f. 40 1.8

B i 9720 3 £. 49 12,75 f. 40 1.9
B3 i 9720 2.7 £. 49 14 6. 40 2,13
B4 i 970 e d b. 4% i4 6. 40 219
] i 9720 2 6. 43 17.5 £, 40 274
B7 i 9720 4 717 10 7. (7 1.41
BB 1 9720 3 717 10,3 7.07 1.439
B9 1 720 2.7 .17 iG.3 7.07 1.49
Big i 9720 g3 717 i2.3 7.07 L77
Bil i 9720 2 717 14 707 1.98
Ci i 9330 & e 9 i2 e 2. 16
Ce 1 9330 3 Sl 1 5. 09 1.98
£3 i 9330 2.7 373 g e 1682
C4 i 9330 2.3 T 10 i2.5 e o 2,25
Ca 1 9330 2 73 5] Se o 2. 70
L7 i 9330 4 7,11 8 6. 87 1,16
£8 i 9330 3 7.11 i 6. 87 i.46
£ i 9330 2.7 7.11 i 6. 87 1.46
£io i 3330 2.3 711 9,05 6.87 1.35
Cii i 9330 2 .11 14,5 6. 87 2. 11
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Table 3.9 (cont.)

SPECIHEN! SOURCE If'c ald z TEST TRUSS {13742
(REF.} ipsi) {in) {K} )
{1} {21

A0-7~3a a3 460 3.6 8.98 i3 796 1.88
A0-7-3b a3 6040 3.6 9.25 1% 8.63 L.&62
A0-11-3a 43 106870 3.6 3. 84 3 id. 31 128
RO-11-3h 03 10820 3.6 3. 84 i3 i2.28 1.2
A0-15-3a 03 11800 3.6 3. 84 ig i2.83 1.48
A0-15-30 43 13530 3.6 9.84 225 13,77 1.63
A0-15-30 03 13320 3.8 .84 2i.5 13.63 1,38
f0-7-2 a3 6350 2 9 44 18 9,17 1.9
A0-1i-2 a3 11500 2.5 9. 84 20 i2.66 1. 58
A0-15-2a 43 12150 2.3 9. B84 24 13,02 1. B4
A0-15-2b 43 10060 2.5 3. B4 18 11.84 1. 52
Fi 32 9500 & 9.3 2.9 12.69 1.2
Fe 3 9500 4 9. 24 14,75 12.61 .47
F3 a 10000 2 4.3 i7.85 13.02 1.37
F4 32 10000 £ 9. 24 25.5 2.9 L9
Fa3 a2 9200 6 3.3 9. 63 ig. 45 77
F& 32 9200 b 924 13,5 12.41 1,09
F8 32 3800 4 9,38 10,05 10,00 1.00
F3 ac 11600 4 .24 14 13.93 1.4
Fig a2 3500 4 9. 18 ib.83 12.53 1. 34
Fi3 32 3800 4 8.986 6.7 3,35 Liz2
Fi4 32 5800 4 8.92 14,25 5.81 1.50
Fi 3 11300 1&& 384 14,9 i3.75 1.08
RVE 1.67
5TD DEY 4B
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Table 3.10 Truss model predictions for prestressed beams without

stirrups
SPECIMEN) SOURCE flc ald z K act K all TERT Ve (13/(2)1
{REF.} {in) {iX) (K)
(1) ()
LH1 32 11100 . 9 1(—.‘.4 2.95 2.l 3.1 10,5 c‘. a8} |
Cz K 11100 375 2.4 2.93 2,00 28.0 10,5 2.68]
CW3 32 11100 ] 12 4 2. % 2. 00 b4 10,5 2.33) |
CH4 38 11400 3 13 12.4 2. 95 2. (0 28.6 10.6 2,701
Chs 3¢ 11300 3.7 1.9 2.9 2. 00 27.9 10,1 2. 761 |
K 3c 11300 3. 73 12.4 257 2,00 £a.2 10,5 2. 39
CW7 32 11250 3«72 12,7 2. b0 2. 00 23. 8 10,8 .2l
£wa ac £000 3 75 9.7 2. 95 2. 00 20,8 B ) 3,361
(KK 3 8850 3« 13 1.8 2.7z 2,00 2.7 8.9 2. 5b
CWio 3£ 10600 3.7 126 2,93 2. 00 24 & 10.4 2, 35
CWil ac 8100 373 i2.6 2,72 2. 00 cl.3 %1 2. 37
LWz 32 G800 e 13 %4 &, 93 2. 00 i9.2 a7 3. 35] |
CWi3 32 10300 Ry i 12.3 2,98 2. 00 &7.6 10,1 2. 74) |
Ci14 3 10700 3 75 i2.3 2. 98 2.00 27.8 10,2 273}
CHis 32 10200 3e T i1.3 2. 60 . (0 2.6 91 2. 48
LWl 3c 10600 - 3.75 11.6 2. 98 2,00 21,3 9.6 2,88
CWi7 32 10100 3. 73 i2.6 3. 02 2.00 27.7 10.1 2,73
Cii 32 11100 7.8 8.7 2. 84 2. 00 7.5 11,0 .39
Cie 3£ 11100 5.8 8.7 2. 83 2. 00 26, 0 11,0 2. 36
CI3 ac 11100 4 8.7 2. 84 2. 00 2.2 1.0 247
L14 3 11400 a.8 8.4 2. 84 &, 00 ho b 10.8 .27
CIg 32 11300 3.8 9.2 2. 83 2,00 26.9 1.7 2.29
Cie a2 11300 3.8 a.7 2. 48 2. (0 20.0 1.1 1.80
Ny a2 11250 9.8 8.7 2. ol .00 8.3 i1 1.63
Cia 32 8000 3.8 8.6 2. 85 2. 00 19,2 8.0 Co 40
£15 3 8830 5.8 8,7 2. 63 2,00 19.6 9.8 2,00
Ciio 3e 10600 S8 8.7 2.9l 2,00 8.8 10.7 1.73
Cifi 3 Bi00 3.8 8.7 2. 63 B. 00 18,0 %4 1.92
Ciig 32 G800 5.8 8.6 2. 83 2.00 18.6 7.9 2.37
C1i3 32 10500 3.8 8,7 ’.:‘.87 c‘. (0 18.0 10,7 1.68
C1i4 32 10700 5. 8 8.7 2. 88 2. 4l Zh. 2 0.8 2. 24
CI15 K 10200 3.8 8.7 E‘.SI 2,00 1.6 10.3 1.67
Lli6 a2 10600 3.8 9.2 2. 88 &, (0 o6, 3 1.4 2. 31
CIi7 3E 10100 .8 8.7 291 2. 00 23,0 10,5 e 43
AVE 2.38)
STD DEV A4
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Fig. 5.35 Specimen 3-1 at failure.
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Debonding of prestressing strands.
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Fig. 5.42 Specimen 3-2 at failure.
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5.48 Specimen 3-3 at failure.

Fig.



50

40 4

(%)
o
1

SHEAR (KIPS)

[
o
I

10 4

0 1 2 3 4
DEFLECTION (in.)

Fig. 5.49 Load-deflection curve for Specimen 3-3.
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Fig. 5.55 Specimen 3-4 at failure.
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Table 5.1 Member properties for current test series

i-1 1-2 -3 2-1 2-2 2-3 31 3-2 3-3 3-4

f'c 8 TEST] 11300} 11300} 11300] 10B0O} 10B00] 10800) 13000} 13160] 11300] 11300
{girder)

f! t(:s?ag ?st -— - - -— — -— 3300 3300f 5330 3330
span (in.) 136 156 156 156 156 156 208 208 208 208
a {in.) | 60.75} 60.75) 60.75] 93.83] 355.83) 955.83 32 52 38 a2
a/d 3 3 3 3 3 3 3.2 3.2 3.2 3.2
s {in.) | - 11.8 9.8 5 4 4 2.375) 2.375] 4.75] 4.7%
fAvfy (psi) 0] 1430] 2150f 16060} 16060) 16060} 4290] 42901 4290 4290
pvfy (psi) 0 61 103] 1610} 2010 2010 900 900 450 430
(gcﬁ,af) 0 570 1.02) 15.5] 19.3] 19.3 7.9 7.8 4.2 4.2

d rebar | - - - 19 13 19— - -— -
fee (ksi) 170 170 170 154 154 154} 140.5] 143.1] 156.8] 156.8
dp (;i?) )} 17.75] 17.73) 17.75] 16.94] 16.94] 16,94} 14.74] 14.78] 17.49] 17.49
tz er(né?(.::i) 20.25) 20,25} 20.25) 18.57] 18.57) 1B8,57) 18.4) 18.31} 18.78] 18.7
d {in.) ) 20,25} 20.25) 20.25] 1iB.61) 18.61] 18.61] 16.2] 162] 16.2] 16.2
z (in,) | 19.94; 19,94) 19,94} 17.38) 17.58) 17.58) 14.74] 14.74] 16.76) 16,76

Cr‘ari‘llgng 26.9] 22.9} @&k7} 329] 3.9 359} - -—= -— -
Uit %ﬁ?te 3.4  34.4] 36.7) 97.9] 106.9] 104.9] 64.2] 66.2 42]  49.8
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Table 5.2 Test vresults and AASHTO/ACI predictions for
current test program

SPECIMEN])  LOAD TEST ACI 1 (1)/(2) fAcl 2 (3) /(1)
STAGE {K) (K) (K) }
(1) (2) (3)
i-1 Ve 26.9 23 & 1. 15
Yu 35.4 23. 4 1.3
1-2 Ve 22.9 23.4 .98
Vu 34. 4 25.9 1.33
i-3 Ve 26.7 23.4 1. 14
Vu 36.7 27.8 1.32
-1 Ve 32.9 33.1 .99
Vu 97.9 93 1.05
2-2 Ve 32.9 33.1 .99
Vu 106.9 107.9 .99
2-3 Ve 33,9 33.1 1.08
Vu 104.9 107.9 .97
31 Vu 64.2 bl.2 1,05 64.9 .99
32 Vu g6, 2 bl.b 1.07 b5 1.02
3-3 Vu 42 36.6 1.15 39.9 1.06
34 Yu 49,8 36.7 1.36 39. 4 1.26
Vo ave 1.06] Vu ave 1.08
Ve std .09] Vu std 11
Yu ave 1.18
Vu std .18
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Table 5.3

Test results

prediction for current test series

211

and Canadian Code general method

SPECIMEN|  TEST | CANADIAN] (2)/(1)
(K) i)
1-1 26.9 14,2 1.89
1-2 344 9.1 3.78
1-3 3.7 14.4) 255
2-1 97.9) 764 1.28
g2 106.9]  86.3 1.24
2-3 106.9)  BA.3 1.22
3-1 Bh2| 481 1,33
3-2 B6.2]  48.3 1,37
3-3 42 33 1,27
34 49.8 33 1,51
AVE 1,74
STD DEV .78
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Table 5.4

Truss model cracing load predictions

SPECIMEN}  TEST TRUSS |} (2)/{1)
{K) {K
{1) {2
1-1 26.9 15. 1 1.78
1-2 22.9 153.1 1.52
1-3 26.7 15.1 L7
2-1 32.9 14.6 2.23
2-2 32.9 14.6 2.25
2-3 33.9 14,6 2.4b
AVE 2.01
57D DEV . 34
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and truss model ultimate capacity

Table 5.5 Test results

predictions
SPECIMEN)  TEST TRUSS | (@)/(1

W | @

{-2 3h 4 17.4 1.98
1-3 36.7 19.2 1,91
2-1 97.9 54.8 1.79
-2 106.9 32,3 2.04
2-3 104.9 32.5 2.00
31 b4.2 44, 4 1.45
3-2 66. 2 44,6 1.48
3-3 42 32.3 1,30
3-4 49,8 32.3 1.94
AVE .72
STD DEV .26
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Table 5.6

Truss model prediction with fd<.f}
SPECIMEN]  TEST TRUSS § (2}/(1)
{K) {K)
{1) {2)
1-2 34, 4 17.4 1.98
1-3 36.7 19.2 1.9
2-1 97.9 86.8 1.13
-2 106.9 91.8 1.16
2-3 104.9 91.8 1. 14
3-1 64,2 3.9 1,13
3-2 66. 2 36.9 1. 16
3-3 42 32.3 1.30
3-4 49,8 32.3 1. 54
AVE 1.38
STD DEV .32
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Table 5.7 Statistical comparison for the current test series

METHOD CRACKING| ULTIMATE
ACI MEAN 1.061 " 1.18
STD DEV .09 .18
UR. LIMIT .79 1.6
LOW LIMIT 1. 33 .76
CANADIAN |MEAN — 1.74
STD DEV —_— .78
UF. LIMIT —— 3.55]
LOW LIMIT — ~. 07
TRUSS MEAN 2.1 1.72]
STD DEV .47 . 26
UP, LIMIT .71 z. 38
LOW LIMIT 3. 49 1.1g
MODIFIED |MEAN Z. 1 1.38
TRUSS STD DEV A .38
UP. LIMIT .71 =18
LOW LIMIT 3. 49 .64
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At nominal strength of memberz

Steel stress

< (%)db“"“—_‘(fps_fse )dp

» 4

Distance from free end of strand

Fig. B-1 Variation of steel stress with distance from free end of
strand [Ref. B2]



